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Preface
Structural integrity and failure assessment have been considered by many fields of 
engineers in the literature as it is a multi-disciplinary concept. The assessment procedure 
vitally ensures that structural elements will remain functional throughout their service 
lives. Structural failure refers to the loss of structural integrity by means of loss at the 
component- or system-level elements. The main concern of integrity assessment as 
an aspect of engineering is that a structural failure may be avoided at the service level 
by designing the structure to withstand its designated loads. Hence, for satisfactory 
structural performance, structural safety, failure, and interaction between them should 
be taken into account throughout the design and analysis stages.
This book is a collection of chapters to provide the researcher with a comprehensive 
perspective on structural integrity and its sub-disciplines. Topics of interest include: 
structural integrity, sustainable structural design and analysis, failure analysis and case 
studies, damage, fatigue, and fracture of materials and structures, durability, safety and 
reliability analysis of structural components, and structural health monitoring.
The book is organized into two sections: Structural Integrity and Failure; and Bridge 
Engineering. Both sections include four chapters. In the first section, Chapter I 
discusses a procedure for monitoring fatigue crack growth. Chapter II assesses the 
seismic behavior of a sample third-generation nuclear reactor building and observes 
the stress distributions and crack propagations of the prestressed outer containment. 
Chapter III covers the effects of steel corrosion on bond relationship between steel and 
concrete. Chapter IV presents a methodology for developing control, measurement 
and monitoring plans. In the second section, Chapter V studies the derivation of 
analytic formulation of bending deflection using the theory of classical laminate plate. 
Chapter VI focuses on the temporary works methods applied to enable the construction 
of bridges near third party assets by means of independent checks, monitoring, and 
back analysis. Chapter VII presents an exploratory analysis of the geometric accuracy 
of digital twins generated for existing infrastructure using point clouds. Chapter VIII 
describes the evaluation of safety factors of stay cables by employing the deterministic 
and non-deterministic methods at limit states.
The editor thanks the authors of the chapters and all contributors. Without their 
participation this book would not have been possible. Further, the efforts of the staff 
at IntechOpen in bringing this book to fruition are highly appreciated.
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Treatment Analysis of Welding
Structure in the Presence of a
Crack Type Defects
Mersida Manjgo and Meri Burzic
Abstract
The largest number of welded structures in operating conditions is exposed to
variable loads, which is why the share of fatigue fracture in the failure of welded
structures is higher than others. The essence of construction with fracture safety is
that the structure can withstand the designed load in the designed time. If a crack is
detected during operation, it is possible to predict the development of damage
during the service life as well as the load-bearing capacity of the structure
depending on the development of damage. The paper describes a new system for
monitoring fatigue crack growth, which is based on the change in the resistance of
the measuring foil during crack growth. The system is compatible with the basic
settings of the ASTM E647–86 standard, which refers to the determination of the
fatigue crack growth rate.
Keywords: welded joint, fatigue crack, fatigue threshold, crack growth rate
1. Introduction
Mass application of welded structures began with the development of welding
procedures on the one hand and the development of steels with suitable properties
on the other. Along with welding processes, in parallel, methods for assessing the
safety of welded joints were also developed.
Construction materials and welded joints can contain defects and microcracks
that are the beginnings of fractures. Exploitation conditions can lead to cracking
even if there are no defects in the material, e.g., at places of stress concentration
caused by the design of the structure. Under the influence of unfavorable exploita-
tion factors, such as fatigue and corrosion, cracks can grow steadily, and after
enough time, reach a critical size and cause breakage.
Fatigue is the phenomenon of gradual destruction of a material due to the
long-term action of a periodically changing load. Damage to structures, caused by
material fatigue, represents 50 ÷ 90% of all damage to structures in exploitation [1].
The significance of fatigue damage is obvious because a large number of such
damages lead to catastrophic fractures.
The traditional, well-known, S-N approach is based on the experimental determi-
nation of the dependence of the stress amplitude from the number of cycles to fracture.
This standard method is built into many standards and regulations and is widely
used in the design of welded and other structures. In this test, as a rule, only the
number of changes of the load to fracture under the action of a constant range load
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is determined, and the standard only requires information on the magnitude of the
stress at which crack and fracture initiation does not occur after a certain number of
cycles (usually between 106 and 108 cycles).
In the presence of cracks, the question arises of its development under the action
of a variable load.
Fatigue crack growth is a very complex process that depends on a number of
variables [2]:
• the intensity of the effective stress field at the crack tip defined by the K-factor;
• type and form of load;
• environment (aggressiveness, temperature, humidity),
• mechanical and metallurgical characteristics of the material
The method of fracture mechanics is based on linearly elastic fracture mechanics
and originates from the Paris’ law of 1962, and is still applied, although the impact
of large plastic deformations around the crack tip has not been fully taken into
account. The constants that occur such as “C” i “m” in Paris’ law da/dN=C ΔKm,
must be determined separately for each material and the specific test conditions.
These data are essential for three types of fatigue analysis:
• to accurately determine fatigue crack behavior
• to estimate the life of the structure
• to calculate fatigue damage
2. Determination of dynamic characteristics of welded joint
Metal fatigue is defined as the process of cumulative damage under the action of
variable load, which is manifested by the appearance of fatigue cracks and fractures.
The fatigue strength of welded joints is determined by testing the specimens at
variable load until a crack or fracture occurs.
The test was performed on a high-frequency AMSLER pulsator. The high-
frequency pulsator can achieve a sinusoidal alternating load in the range from 100
kN to +100 kN. In order to more fully assess the behavior of the material under the
action of variable load, and having in mind the dimensions of the specimen, the
most critical case of the action of variable load was made, namely alternating
variable load tension - pressure (R = 1), Figure 1.
It is clear that the strength at high cyclic fatigue depends on the properties of the
constituents of the welded joint. Therefore, data are needed for BM andWM, but also
for HAZ, which makes testing of welded joints in high-cyclic fatigue complex and
expensive. The aim of the test is to determine the points in the S-N diagram (con-
struction of theWehler curve) and to determine the permanent dynamic strength S f .
The test procedure as well as the specimen are defined according to ASTM E466 [3].
The appearance of the test tube with variable load is shown in Figure 2.
The determination of the maximum dynamic stress at which no crack-type error
is initiated in smooth construction forms is shown graphically in the form of Weller
curves (S-N diagrams) in Figure 3. for butt-welded joint specimen and Figure 4 for
specimen removed from BM.
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Figure 1.
Alternating load scheme. R = 1.
Figure 2.
Dynamic specimen according to ASTM E466.
Figure 3.
S-N diagram of speciemn taken out of butt welded joint and tested at room temperature.
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To construct one Weller curve and determine the permanent dynamic strength,
it is necessary to test the specimen at 6 to 7 different load levels. According to the
ASTM E 466 standard, three specimen were tested for each load level, which is a
total of 21 specimen. Therefore, this test is extremely expensive and justified when
design data are required, primarily from the aspect of fatigue and fracture mechan-
ics. So when designing parts exposed to long-term variable load in the total design
life of the structure.
The traditional, well-known, S-N approach is based on the experimental deter-
mination of the dependence of the stress amplitude from the number of cycles to
fracture.
3. Fatigue analysis from fracture mechanics angle
The origin of the fault may be related to design and construction, technology,
and producing the structure, control, and testing. The continuance of construction
then depends only on the possibility and conditions of crack growth from the initial
failure. The essence of construction with fracture safety is that the structure can
withstand the designed load in the designed time. If a crack is detected during
operation, it’s possible to predict the development of damage during the service life
as well as the load-bearing capacity of the structure depending on the development
of damage [4].
The most important characteristics for the operational safety of structures are
the ones that describe the appearance and growth of cracks under the influence of
variable load. A generally accepted characteristic, in this case, is fatigue strength.
Accordingly, the design of structural parts based on possible material fatigue is
based on the use of fatigue strength, and empirical recommendations, derived from
the analysis of parts failure in operation and extensive testing [4].
The appearance of a fatigue crack requires that the behavior of the material
around the crack tip is considered based on the micromechanical aspect. The initia-
tion of cracks and their growth condition that the micromechanical aspect of the
behavior of the material becomes important for the assessment of the operational
safety of structural parts. The existence of a singularity in the form of a crack tip
indicates the application of fracture mechanics and its parameters, such as stress
Figure 4.
S-N diagram of speciemn extracted from the new BM and tested at room and operating temperatures.
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intensity factor, crack opening, and contour J-integral. Paris’ crack growth law, which
determines the dependence of the load and the corresponding range of stress inten-
sity factors, with the crack growth rate per cycle, is generally accepted today [4].
3.1 Fatigue crack growth rate da/dN i ΔKth: Paris’ law
The need to introduce fracture mechanics into the study of fatigue behavior
arose from the analysis of crack growth under cyclic loading.
Many data on fatigue crack growth were obtained by examining CT specimen,
which were exposed to loads with a constant amplitude ΔP, Figure 5 [5].
In Figure 5 a typical form of crack length dependence on the number of load
cycles a-N for three load range levels ΔP = const where ΔP1 < ΔP2 < ΔP3 is shown.
It is noticeable that with the increasing number of cycles N and crack length “a”,
the crack growth rate defined by the slope of the tangent increases steadily. Also,
with the increase in the load range ΔP, there is a faster increase of the speed
gradient. In other words, the crack, for example, of length a1 in Figure 1, grows
faster at the load amplitude ΔP3 than at the load ΔP2 or ΔP1.
Numerous theoretically and empirically defined dependencies in the form
da/dN = f(P, a) can be found in the literature, which emphasizes the importance
of load and cracks length. The first to define the range of stress intensity factor
ΔK = f(σ, a) in the form of fatigue crack growth rate as a basic parameter were Paris
and co-workers [5].
ΔK ¼ Kmax � Kmin ¼ Y σmax � σminð Þ πað Þ1=2 ¼ YΔσ πað Þ1=2 (1)
The crack growth rates da/dN as a function of ΔK are determined from the
corresponding curve a-N, graphically, or numerically. The experimental results
presented on the double-logarithmic scale usually have a characteristic S-shape,
schematically shown in Figure 6.
It is noticeable that the crack propagation is initially accelerated (area I), then
passes into the phase of stable growth (area II), to finally pass into the phase of
critical crack expansion (area III).
Figure 5.
Crack growth dependence a = f(N) for three levels of load ranges ΔP = const where ΔP1 < ΔP2 < ΔP3.
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From the point of view of the crack growth mechanism and different intensities
of influencing factors, three areas can be observed on this curve [6–8].
In area I, the crack propagation velocity tends to zero as the range of stress
intensity factors approaches the crack propagation threshold:
ΔKth ¼ Kth,max � Kth,min ¼ Δσ
ffiffiffiffiffiffiffiffiffiffiffiffi
π � ath
p � Y (2)
where: ath- the length of the initial crack.




¼ C � ΔKm (3)
where C and m are the material constants determined experimentally.
This law is known as Paris’ law.
In area III, the crack grows rapidly as the range of stress intensity factors
approaches ΔKc:
ΔKc ¼ KIc � Kc,min ¼ Δσ ffiffiffiffiffiffiffiffiffiffiπ � acp � Y (4)
where ac - critical crack length, KIc - fracture toughness.
As Paris’ law is valid only in area II, attempts were made to find equations that
would describe crack growth in other areas of growth as well. One such is the
Forman equation describing crack growth in areas II and III:
Figure 6.
The principle form of change of growth rate da/dN = f(ΔK) for R = and directions of displacement of S-curve for
relations R6¼0.
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da
dN
¼ C � ΔK
m
1� Rð Þ � KIc � ΔK (5)
Klesnil and Lucas modified the Paris law, taking into account the crack propa-
gation threshold, and thus obtained the crack growth equation valid in areas I and II:
da
dN
¼ C � ΔKm � ΔKmth
 
(6)
McEvily developed an expression that is valid for the whole crack growth curve,
and which, unlike the previous equations, which were obtained empirically, is
based on a simple physical model:
da
dN
¼ C � ΔK � ΔKthð Þ2 1þ ΔKKIc � Kmax
 
(7)
From all these Eqs. (4), (5), (6) and (7) integration can obtain the time required
for crack growth from any arbitrary to a critical length. Also, all the above terms are
valid in the case of type i loads.
3.2 Determination of fatigue crack growth parameters
The basic progress that fracture mechanics has made in the sphere of material
fatigue is in the analytical breakdown of the fatigue fracture phenomenon into the
period of creation, in which the fatigue crack occurs, and the period of growth or
expansion that follows and in which the resulting crack increases to a critical size at
which a sudden fracture occurs. Thus, the total number of cycles, Nu, after which a
fracture occurs, is divided by the number of cycles required for the fatigue crack to
form, Ni, and the number of cycles for it to increase to the critical value for fracture,
Np, i.e., Nu = Ni + Np, Figure 7 [5].
Analysis of the stress state and deformation at the top of a rising fatigue crack by
linear elastic fracture mechanics (LEFM) led to the formulation of the Paris equa-
tion for all metals and alloys, which relates the fatigue crack growth rate to the
stress intensity range at the crack tip:
Although the Paris cracks growth equation is not valid in the whole range,
between low velocities near the fatigue threshold ΔKth, and high velocities KIc, the
large linear midpoint of the curve covered by the Paris relation proved to be by
far the most important from a practical point of view and fatigue crack growth.
Figure 7.
The share of the initiation period Ni and the fatigue crack growth period Np in the total fatigue life Nu.
9
Treatment Analysis of Welding Structure in the Presence of a Crack Type Defects
DOI: http://dx.doi.org/10.5772/intechopen.94832
From the point of view of the crack growth mechanism and different intensities
of influencing factors, three areas can be observed on this curve [6–8].
In area I, the crack propagation velocity tends to zero as the range of stress
intensity factors approaches the crack propagation threshold:
ΔKth ¼ Kth,max � Kth,min ¼ Δσ
ffiffiffiffiffiffiffiffiffiffiffiffi
π � ath
p � Y (2)
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The application of the Paris equation has proved particularly fruitful in the field of
fatigue of structures made of high and very-high strength materials.
The ASTM E647 standard [9] prescribes the measurement of the fatigue crack
growth rate da/dN, which develops from an existing crack, and the calculation of
the stress intensity factor range, ΔK. This means that the test tube should have a
tiring crack. There are two important limitations in the ASTM E647 standard: the
growth rate must be greater than 10–8 m/cycle to avoid the fatigue threshold area,
ΔKth, and the load should be of constant amplitude [4].
Steel of quality A-387 Gr was used to determine the dependence of the fatigue
crack growth rate per cycle da/dN and the range of stress intensity factors ΔK. 91
15 mm thick [10]. The chemical composition and mechanical properties of the base
material are given in Tables 1 and 2.
The welded joint is made with two welding processes and two additional
materials.
• Root welding - TIG welding, additional material is wire marked BOEHLER C 9
MV-IG, diameter 2,4 mm (international designation W CrMo 91 according to
EN ISO 21952-A).
• Filling - REL welding, additional material is an electrode marked BOEHLER
FOX C9MV, diameter 3,50 and 4,00 mm (international designation E CrMo 91
B 4 2 H5 according to EN ISO 3580-A).
Determination of fatigue crack growth rate da/dN and fatigue threshold ΔKth
was performed on standard Charpy tubes by the method of bending the tube at
three points on a resonant high-frequency pulsator.
The test was performed at the same minimum and maximum load ratio R = 1.
The achieved frequency ranged from 175 to 195 Hz depending on whether the crack
passed through the base metal, weld metal, or the heat-affected zone, and on the
magnitude of the load. The medium load and its amplitude were registered with
accuracy 3 Ncm.
Prior to the test, the specimen were mechanically prepared and measuring
tapes - foils were glued to the prepared tubes, with which the crack growth was
monitored. RMF A-5 measuring foils with a measuring length of 5 mm were used
for testing. In order to be able to monitor the crack growth using a measuring foil,
the FRACTOMAT crack growth detection device was used, Figure 8.
Chemical composition, mas. %
C Si Mn P S Cr Mo Ni V Nb Cu
0.129 0.277 0.443 0.001 0.001 8.25 0.874 0.01 0.198 0.056 0.068
Table 1.









445 580–760 18 40
Table 2.
Mechanical properties of the base material.
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The scheme of the measuring foil and the method of registering crack growth is
shown in Figure 9.
The appearance of the prepared specimen for determining the fatigue crack
growth parameters is given in Figure 10.
Determining the dependence of the fatigue crack growth rate on the cycle da/dN
and the range of stress intensity factors ΔK is reduced to determining the coefficient
C and the exponentm in the Paris equation. The fatigue crack growth rate should be
attributed to the current crack length, and, to the range of stress intensity factor,
ΔK, which depends on the specimen geometry and crack length, and to the variable
force range, ΔF = Fg - Fd.
Determining the stress intensity factor range uses the formula




p � f a=Wð Þ (8)
where: L - range of supports, mm;
B - specimen thickness, mm;
W - width (height) of the specimen, mm, and.
a - crack length.
Figure 8.
Modern system for dynamic tests [10].
Figure 9.
The scheme of the measuring foil and the method of registering crack growth.
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Figure 10.
The appearance of the prepared specimen for parameter testing [10].
Figure 11.
Dependence diagram da/dN - ΔK for specimens with fatigue crack tip in BM [10].
12
Structural Integrity and Failure
The geometric term f (a/W) is given by the expression:
f a=Wð Þ ¼
3 � ffiffiffiffiaW
p � 1, 99� aW 1� aW
� �
2, 15� 3, 93 aW þ 2, 7 aW
� �2� �h i




Three groups of specimens depending on the location of the crack tip were
examined, namely:
Group I - specimens with a crack tip in BM,
Group II - specimens with a crack tip in WM and.
Group III - specimens with a crack tip in HAZ.
Based on the test flow and the obtained dependences of crack length a - number
of cycles N, the fatigue crack growth rate da/dN is calculated. Depending on the
applied variable load expressed through the change of the range of voltage intensity
factor, ΔK, log da/dN - log(ΔK) curves are drawn.
Figure 12.
Dependence diagram da/dN - ΔK for speciemens with fatigue crack tip in WM [10].
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Characteristic diagrams of fatigue crack growth rates, da/dN - change of stress
intensity factor range, ΔK, for specimens with fatigue crack tip in BM, Figure 11.,
for specimens with fatigue crack tip in WM, Figure 12., and for specimens with a
fatigue crack tip in HAZ, Figure 13.
The obtained values of the parameters of the Paris equation, coefficient C and
exponent m, fatigue threshold ΔKth, and fatigue crack growth rate, da/dN, at the
value of ΔK = 10 MPa m1/2, are given in Table 3 for specimens with a notch in BM,
Table 4 for specimens with a notch in WM, and Table 5 for speciemns with a notch
in HAZ.
Figure 13.












ΔK = 10 MPa m1/2
OM-1 20 6,9 2,98  1010 3,62 1,24  106
OM-2 6,8 3,07  1010 3,58 1,17  106
OM-3 7,1 2,85  1010 3,59 1,11  106
Table 3.
Fatigue crack growth parameters for notched specimens in BM.
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4. Conclusions
Practice has shown that structures that are exposed to the effects of variable load
during operation are most prone to accidents and fractures. The causes are primar-
ily errors that occur in exploitation.
• The reason for the application of fracture mechanics is based on the fact that in
the presence of errors, which inevitably occur as a result of imperfections in
production processes and/or in operation, there is a loss of load-bearing
structure elements and time as a whole.
• The reduction of load-bearing capacity in order to achieve the reliability and
safety of structures must be controlled.
• The obtained values of the fatigue threshold ΔKth represent important data on
the quality of the tested materials from the aspect of its micromechanical
properties, ie on the behavior in the presence of cracks. After its
determination, the magnitudes and periods of action of the variable load are











Exponentm da/dN, μm/cikl, pri
ΔK = 10 MPa m1/2
MŠ-1 20 7,2 3,88  1010 3,62 2,56  106
MŠ-2 7,1 4,05  1010 3,71 2,07  106
MŠ-3 7,4 3,93  1010 3,80 2,48  106
Table 4.










Exponentm da/dN, m/cikl, pri
ΔK = 10 MPa m1/2
ZUT-1 20 6,6 3,05  1010 4,01 3,12  106
ZUT-2 6,8 3,07  1010 4,04 3,37  106
ZUT-3 6,5 2,85  1010 4,09 3,51  106
Table 5.
Fatigue crack growth parameters for notched specimens in HAZ.
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Chapter 2
Structural Modeling and Dynamic
Analysis of a Nuclear Reactor
Building
Evrim Oyguc, Abdul Hayır and Resat Oyguc
Abstract
Increasing energy demand urge the developing countries to consider different
types of energy sources. Owing the fact that the energy production capacity of
renewable energy sources is lower than a nuclear power plant, developed countries
like US, France, Japan, Russia and China lead to construct nuclear power plants.
These countries compensate 80% of their energy need from nuclear power plants.
Further, they periodically conduct tests in order to assess the safety of the existing
nuclear power plants by applying impact type loads to the structures. In this study,
a sample third-generation nuclear reactor building has been selected to assess its
seismic behavior and to observe the crack propagations of the prestressed outer
containment. First, a 3D model has been set up using ABAQUS finite element
program. Afterwards, modal analysis is conducted to determine the mode shapes.
Nonlinear dynamic time history analyses are then followed using an artificial strong
ground motion which is compatible with the mean design spectrum of the previ-
ously selected ground motions that are scaled to Eurocode 8 Soil type B design
spectrum. Results of the conducted nonlinear dynamic analyses are considered in
terms of stress distributions and crack propagations.
Keywords: nuclear reactor building, prestressed containment, nonlinear dynamic
time history analysis, ABAQUS 3D finite element model
1. Introduction
Large growth of energy consumption is an essential issue that shall be consid-
ered, especially for developing countries. Nuclear power industry seems to take a
key role over the continuously increasing energy demand. First known nuclear
power station for the generations of electricity was built for commercial use in
Russia in 1954, with an output of 5 MW(e). Afterwards, USA constructed a pres-
surized light water reactor (PWR) with 60 MW(e) which first produced electricity.
Many countries over the world followed this first attempt and a rapid growth of
nuclear energy production started. Though renewable energy seems to take role in
the approaching era, it is estimated that the percentage of the generated electricity
from these sources will not be deemed to nuclear power plants. It can be forecasted
that up to 2050, nuclear energy and nuclear power plants (NPP) will play a major
role in producing electricity worldwide.
Nowadays, supporters of nuclear power admit that this is indeed a technology
which is more expensive than its counterparts. Throughout its development,
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starting from the 1980s, the sector improved the design of reactors. Furthermore,
the scientists working in this era aimed to overcome human error or equipment
malfunctions. These resulted more robust, fuel efficient and advanced reactor
designs where the cost of the construction is also reduced.
Next generation nuclear reactors may be classified into two broad categories:
evolutionary and revolutionary [1]. While the Generation III and III+ types belong
to the former, Generation IV reactors fell into the latter category. Crimello [2]
reported that the design of Generation III type nuclear reactors based on minimiz-
ing the risk and thus increase safety. Advanced Boiling and Pressurized Water
reactors and Enhanced CANDU 6 are all examples to this type. Passive safety
features are incorporated into Generation III type reactors to reach the revolution-
ary reactors Generation III+. Some examples to these reactors may be: AP1000,
VVER 1200 and APR 1400.
Generally, an NPP is composed of five principal buildings: the nuclear island, the
annex building, the turbine building, the diesel generator building and radwaste
buildings. The nuclear island consists of the containment building, the shield build-
ing and the auxiliary building. The containment is one of the most important
components of an NPP because it serves as the final barrier under postulated
accident conditions.
In the last decade, there is a keen interest on modeling the reactor buildings by
using simplified 2D lumped-mass stick model [3–7]. The results of the analysis may
not be considered as accurate as 3D finite element modeling, although the latter one
is more time consuming. In the 3D approach, a containment building is generally
modeled using either by shell or 3D brick elements [8–10]. In a recent approach to
save time, 3D lumped mass stick models were developed and used in the literature
to represent the seismic behavior of containment building [11]. This approach is
mostly preferred when the coupling effects between the containment building and
auxiliary buildings are considered. Improvements in computational efficiency
increased the use of 3D finite element models which are capable of defining high
levels of structural detail.
While a possible damage in an infra-structure can be repaired or retrofitted
within mean time, a possible damage in an NPP may cause catastrophic damage.
The massive damage in an NPP may be observed when an internal accident happens
such as loss of coolant accident (LOCA) or when an external event (airplane crash,
earthquake, explosions etc.) happens. To overcome these deficiencies the majority
of the latest NPP’s are constructed with double containment. Further, in advance,
the containment structure constitutes an ultimate barrier against the dissemination
of fissile products towards the general public [12].
Kwak and Kim [13] highlighted that most of the recent containments are com-
posed of a dome, a wall and a foundation which are laterally prestressed. The
International Federation for Structural Concrete (fib) [14] reported that the
response of these shell-type concrete structures due to external events should be
experimentally and analytically studied to evaluate their safety. There are numerous
experiments in the literature which can be regarded as representative experimental
studies. Sandia National Laboratories [15] brought foreword the cost and time-
consuming features of the conducted experiments and emphasized that these costly
experiments often do not precisely simulate the loading and support conditions of
the actual structure.
In this study, seismic behavior of the prestressed outer containment of a third-
generation nuclear reactor building is evaluated. Since Turkish Building Earthquake
Code (TBEC) [16] does not cover the earthquake resistant design of nuclear struc-
tures, international standards such as ASCE 4-16 [17] and ASCE 43-05 [18] have
been adopted for the analysis. First, a 3D model of the outer containment vessel has
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been set up using ABAQUS finite element program. Afterwards, modal analysis is
conducted to determine the mode shapes and followed by nonlinear dynamic time
history analysis using previously selected ground motions to determine the stress
distribution and crack propagation.
2. Details of the 3D analytical model of case-studied nuclear reactor
building
Both the Sandia National Laboratories and United States Nuclear Regulatory
Commission (USNRC) conducted test programs concerning about the seismic per-
formance of prestressed containments under severe accident conditions. The experi-
ment model was 1:4 prestressed containment and it was conducted in two phases.
Determination of the ultimate load capacity and seismic response were carried in the
first phase, whereas beyond design basis response was the aim of second phase. More
details about this experiment may be found in Hessheimer et al. [19, 20].
A sectional view of the considered test building is illustrated in Figure 1. The
structure has an overall height of 16.4 m, the inner radius of the dome is 5.37 m and
the cylinder wall has a thickness of 0.325 m. The bottom part of the structure is
fixed, gallery and buttresses are incorporated into the system. Prestressing force is
applied by using horizontal and vertical tendons which are anchored at the but-
tresses and gallery, respectively. Around the gallery and buttresses steel rebars are
used to enhance the capacity of the double-shell containment building.
Figure 1.
Sectional view of the considered test building.
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been set up using ABAQUS finite element program. Afterwards, modal analysis is
conducted to determine the mode shapes and followed by nonlinear dynamic time
history analysis using previously selected ground motions to determine the stress
distribution and crack propagation.
2. Details of the 3D analytical model of case-studied nuclear reactor
building
Both the Sandia National Laboratories and United States Nuclear Regulatory
Commission (USNRC) conducted test programs concerning about the seismic per-
formance of prestressed containments under severe accident conditions. The experi-
ment model was 1:4 prestressed containment and it was conducted in two phases.
Determination of the ultimate load capacity and seismic response were carried in the
first phase, whereas beyond design basis response was the aim of second phase. More
details about this experiment may be found in Hessheimer et al. [19, 20].
A sectional view of the considered test building is illustrated in Figure 1. The
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the cylinder wall has a thickness of 0.325 m. The bottom part of the structure is
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The three-dimensional model of the test structure has been modeled using shell
elements. Smeared steel layers have been used to simulate both the steel reinforce-
ments and prestressing tendons. The created three-dimensional model has been
illustrated in Figure 2. To satisfy the experiment conditions the containment is
assumed as fix, thus boundary conditions are assigned to the structure at the
bottom. In literature two alternatives are valid to define the prestressing force:
assigning an initial stress value and altering with the temperature of the structure.
Here the former methodology is applied to properly simulate the prestressing force.
The abrupt changes around the openings are neglected. Incremental load steps are
used to define the internal pressure values.
Yielding of reinforcing steel and prestressed tendons has been selected as the
criteria of failure in any location in the containment. The total mass of the structure
has been calculated as 2,956,294 kg and the results of the eigenvalue analysis are
summarized in Table 1.
Figure 2.
Illustration of the three-dimensional model of the reactor building.
Mode No Eigenvalue Frequency
(rad/time) (cycles/time)
1 0.36315 0.60262 9.5910E-02
2 0.52506 0.72461 0.11533
3 4.6031 2.1455 0.34146
4 6.6812 2.5848 0.41138
5 12.831 3.5820 0.57009
6 18.840 4.3405 0.69081
7 31.426 5.6059 0.89220
8 40.622 6.3735 1.0144
9 43.410 6.5887 1.0486
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3. Constitutive material models
3.1 Constitutive model for concrete
The constitutive relation of concrete material is simulated by concrete damaged
plasticity model (CDP) of ABAQUS, which is proposed by Lubliner et al. [21] and
by Lee and Fenves [22]. This model is preferred by the scientists owing the fact that
the model is capable of defining the concrete behavior under cyclic or dynamic
loading properly. Further, the material model aims to properly simulate the effects
of residual damage. Both the tensile and compressive damages are taken into
account in the CDP model. Main contents of the CDP model have been discussed
and summarized in the followings.
a. Decomposition of the strain rate.
This is done by assuming an additional strain rate decomposition for the rate
independent model which is defined by Eq. (1).
έ ¼ έel þ έpl (1)
where έ is the total strain rate, έel is the elastic part of the strain rate, and έpl is
the plastic part of the strain rate.
b. Stress–strain relations.
This is dominated by scalar damaged elasticity value which can easily be calcu-
lated using Eq. (2).
σ ¼ 1� dð ÞDel0 : έ� έpl
 




el ¼ 1� dð ÞDel0; and d, show the initial stiffness, the degraded elastic
stiffness and the scalar stiffness degradation variable, respectively. The scalar stiff-
ness degradation may be associated with the failure mechanism of the concrete
which has a range 0≤ d≤ 1. Thus, the effective stress is calculated using Eq. (3), and
the Cauchy stress by Eq. (4).
σdef ¼ Del0 : _ε� _εpl
 
(3)
σ ¼ 1� dð Þσ́ (4)
1� dð Þ in Eq. (4) is the factor that represents the effective load carrying area.
When d ¼ 0, reduction in the elastic stiffness is not expected and it is the condition
where σ́ ¼ σ. When d 6¼ 0, damage is possible and use of the effective stress value
will give more robust results. Hence, in problems dealing with plasticity σ́ value is
preferred.
c. Hardening variables.
It is also possible to relate d value by a set of hardening variables, ~εpl, and σ; such,
d ¼ d σ,~εpl .~εplt and ~εplc are referred to define damage states in tension and com-
pression, respectively. The governing equation of the hardening variables is given
in Eq. (5).
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criteria of failure in any location in the containment. The total mass of the structure
has been calculated as 2,956,294 kg and the results of the eigenvalue analysis are
summarized in Table 1.
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3. Constitutive material models
3.1 Constitutive model for concrete
The constitutive relation of concrete material is simulated by concrete damaged
plasticity model (CDP) of ABAQUS, which is proposed by Lubliner et al. [21] and
by Lee and Fenves [22]. This model is preferred by the scientists owing the fact that
the model is capable of defining the concrete behavior under cyclic or dynamic
loading properly. Further, the material model aims to properly simulate the effects
of residual damage. Both the tensile and compressive damages are taken into
account in the CDP model. Main contents of the CDP model have been discussed
and summarized in the followings.
a. Decomposition of the strain rate.
This is done by assuming an additional strain rate decomposition for the rate
independent model which is defined by Eq. (1).
έ ¼ έel þ έpl (1)
where έ is the total strain rate, έel is the elastic part of the strain rate, and έpl is
the plastic part of the strain rate.
b. Stress–strain relations.
This is dominated by scalar damaged elasticity value which can easily be calcu-
lated using Eq. (2).
σ ¼ 1� dð ÞDel0 : έ� έpl
 




el ¼ 1� dð ÞDel0; and d, show the initial stiffness, the degraded elastic
stiffness and the scalar stiffness degradation variable, respectively. The scalar stiff-
ness degradation may be associated with the failure mechanism of the concrete
which has a range 0≤ d≤ 1. Thus, the effective stress is calculated using Eq. (3), and
the Cauchy stress by Eq. (4).
σdef ¼ Del0 : _ε� _εpl
 
(3)
σ ¼ 1� dð Þσ́ (4)
1� dð Þ in Eq. (4) is the factor that represents the effective load carrying area.
When d ¼ 0, reduction in the elastic stiffness is not expected and it is the condition
where σ́ ¼ σ. When d 6¼ 0, damage is possible and use of the effective stress value
will give more robust results. Hence, in problems dealing with plasticity σ́ value is
preferred.
c. Hardening variables.
It is also possible to relate d value by a set of hardening variables, ~εpl, and σ; such,
d ¼ d σ,~εpl .~εplt and ~εplc are referred to define damage states in tension and com-
pression, respectively. The governing equation of the hardening variables is given
in Eq. (5).
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pl ¼ h σ,~εpl� �: _εpl (5)
These variables control the yield surface, the degradation of the elastic stiffness
and the dissipated fracture energy.
d. Yield function.
The yield function, F σ,~εpl
� �
, represents a surface in effective stress space, which
determines the states of failure or damage. For the inviscid plastic-damage model,
F σ,~εpl
� �
≤0.F can also be defined in terms of σ, as in Eq. (6).
F σ,~εpl
� � ¼ 1
1� α q� 3αpþ β ~ε
pl� � σ̂max
� �� γ �σ̂max





α and γ in Eq. (6) are dimensionless constants. p and q are the effective
hydrostatic pressure and the Von Mises equivalent effective stress values, respec-
tively. Further these parameters can be calculated by Eqs. (7) and (8). The
deviatoric stress may then be expressed using Eq. (9). Here σ̂max refers to the
maximum eigenvalue of the effective stress value.
p ¼ � 1
3








S ¼ pI þ σ (9)
When σ̂max ¼ 0 is the case, Eq. (6) reduces to the Drucker-Prager yield state-
ment. Then the α coefficient defined in (6) may be determined using the initial
equibiaxial (σb0Þ and uniaxial compressive yield stress (σc0) as presented in
Eq. (10). Experimental results revealed the fact that 0:08≤ α≤0:12 [21].
α ¼ σb0 � σc0
2σb0 � σc0 (10)
The β ~εpl
� �
is then defined using these α parameters as given in Eq. (11). Here σt
and σc are the effective tensile and compressive cohesion stresses, respectively.
β ~εpl







� � 1� αð Þ � 1þ αð Þ (11)
e. Flow rule.
Defining a flow potential value G, plastic flow rule may be expressed using
Eq. (12). Here _λ is a plastic multiplier which always has a positive value. Following
the Kuhn-Tucker relations, which are _λF ¼ 0; _λ≥0;F≤0, the G parameter is
defined in the σ space.
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Using the Drucker-Prager hyperbolic function, the G parameter may be defined
using Eq. (13). Here ψ is the dilation angle at high confining pressure; σt0 is the
uniaxial tensile stress at failure; and ϵ refers to an eccentricity parameter.
G ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
ϵσt0tanψð Þ2 þ q2
q
� ptanψ (13)
f. Damage and stiffness degradation.
This section will be considered for both uniaxial and cyclic loading protocols.
• Uniaxial loading
The assumption relies on the fact that the uniaxial stress–strain curves can be
represented in terms of stress and plastic strain values using Eq. (14).
σt ¼ σt ~εplt , _~εplt , θ, f i
� �
, σc ¼ σc ~εplc , _~ε
pl
c , θ, f i
� �
(14)




















the equivalent plastic strains, θ is the temperature, and f i, (i ¼ 1, 2, ::) are other
predefined field variables. Under uniaxial loading conditions the effective plastic




11, in uniaxial tension and _~ε
pl
c ¼ � _~ε
pl
11, in uniaxial
compression (ABAQUS 2020). The response of concrete to uniaxial loading is as
illustrated in Figure 3. The left illustration is for when the system is under effect
of compression only and the right one corresponds to tension case.
To properly evaluate the degraded response of concrete two independent damage
variables which are assumed as functions of the strain values are introduced: dt
and dc. These variables can be calculated following Eqs. (15) and (16). If there is no
damage in the material then these variables are assumed to be equal to zero, on the
contrary these variables are taken as one when the material is fully damaged.
dt ¼ dt ~εplt , θ, f i
� �
, 0≤ dt ≤ 1ð Þ (15)
dc ¼ dc ~εplc , θ, f i
� �
, 0≤ dc ≤ 1ð Þ (16)
Defining EO as the initial modulus of the material, the stress values may be
determined using Eq. (17).
Figure 3.
Response of concrete to uniaxial loading.
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Using the Drucker-Prager hyperbolic function, the G parameter may be defined
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Figure 3.
Response of concrete to uniaxial loading.
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σt ¼ 1� dð ÞEO εt � ~εplt
 
, σc ¼ 1� dð ÞEO εc � ~εplc
 
(17)
When tension loading protocol is the case, cracks propagate in a direction
transverse to the stresses. Further, cracks reduce the load bearing capacity of the
material and this increases the σ value. On the contrary, when compressive
loading is the case, cracks propagate in a direction parallel to the stresses.
This minimize the effect of cracks. Naming σt and σc as the effective uniaxial
cohesion stresses values at tension and compression, respectively, Eqs. (18) and
(19) may be applicable to determine the size of the yield surface.











The interaction of the cracks makes this type of loading protocol more complex
to understand the behavior. Previous experiments revealed the fact that there is
indeed some recovery of the stiffness and this is named as “the stiffness recovery
effect (SRE)”. This is a significant behavior of concrete under cyclic loading,
especially when the load changes from tension to compression. To correlate d
and E values, Eq. (20) has been proposed for the CDP model.
E ¼ 1� dð ÞE0 (20)
It is previously shown that d may be related with dt and dcvalues. When cyclic
loading protocol is applied ABAQUS follows the relation given in Eq. (21).
In Eq. (21) st and sc are stress functions which includes the SRE associated with
stress reversals.
1� dð Þ ¼ 1� stdcð Þ 1� scdtð Þ, 0≤ st, sc ≥ 1 (21)
Introducing ωt and ωc material weight factors responsible from the tensile and
compressive stiffness recovery, Eqs. (22) and (23) is proposed. The constant r in
Eqs. (22) and (23) is determined from Eq. (24).
st ¼ 1� ωtr ∗ σ11ð Þ; 0≤ωt ≤ 1 (22)
sc ¼ 1� ωc 1� r ∗ σ11ð Þð Þ; 0≤ωc ≤ 1 (23)
r ∗ σ11ð Þ ¼ H σ11ð Þ ¼
1 if  σ11 >0
0 if  σ11 <0

(24)
This observation in concrete may be accepted as a proof of SRE when cracks
close as the load goes from tension to compression. When vice versa is valid, then
the tensile stiffness is not recovered. This is ensured in ABAQUS by assuming
ωt ¼ 0 and ωc ¼ 1. Cyclic load behavior is illustrated in Figure 4.
3.2 Constitutive model for steel
Isotropic hardening model is used to simulate the elastic–plastic steel behavior. As
well as the rebars, prestressed tendons are defined using steel material. This indicates
that the yield surface changes in all directions. To define the yield function f σð Þ
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properly, equivalent stress σ0 is introduced first. This stress value is indeed a function
of strain and temperature, as presented in Eq. (25). Here θ is the considered temper-
ature and εpl gives the value of the equivalent plastic strain, given in Eq. (26).
f σð Þ ¼ σ0 εpl, θ  (25)
σ0έpl ¼ σ : έpl (26)
Rice [23] brought forward the use of this model especially when the Bauschinger
effect is forceful. The strain rate decompositionmay be calculated fromEq. (27).When
Eq. (27) is integrated through the contour of the yield surface Eq. (28) is obtained.
dε ¼ dεel þ dεpl (27)
Figure 4.
Cyclic loading protocol for ωt ¼ 0 and ωc ¼ 1.
Parameters Values
Elastic modulus (MPa) 3.6 � 104
Ultimate tensile strength (MPa) 2.85
Ultimate compressive strength (MPa) 38.5
Poisson ratio 0.2
Density (kg/m3) 2400







Parameters of the concrete material.
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This minimize the effect of cracks. Naming σt and σc as the effective uniaxial
cohesion stresses values at tension and compression, respectively, Eqs. (18) and
(19) may be applicable to determine the size of the yield surface.
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E ¼ 1� dð ÞE0 (20)
It is previously shown that d may be related with dt and dcvalues. When cyclic
loading protocol is applied ABAQUS follows the relation given in Eq. (21).
In Eq. (21) st and sc are stress functions which includes the SRE associated with
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1� dð Þ ¼ 1� stdcð Þ 1� scdtð Þ, 0≤ st, sc ≥ 1 (21)
Introducing ωt and ωc material weight factors responsible from the tensile and
compressive stiffness recovery, Eqs. (22) and (23) is proposed. The constant r in
Eqs. (22) and (23) is determined from Eq. (24).
st ¼ 1� ωtr ∗ σ11ð Þ; 0≤ωt ≤ 1 (22)
sc ¼ 1� ωc 1� r ∗ σ11ð Þð Þ; 0≤ωc ≤ 1 (23)
r ∗ σ11ð Þ ¼ H σ11ð Þ ¼
1 if  σ11 >0
0 if  σ11 <0

(24)
This observation in concrete may be accepted as a proof of SRE when cracks
close as the load goes from tension to compression. When vice versa is valid, then
the tensile stiffness is not recovered. This is ensured in ABAQUS by assuming
ωt ¼ 0 and ωc ¼ 1. Cyclic load behavior is illustrated in Figure 4.
3.2 Constitutive model for steel
Isotropic hardening model is used to simulate the elastic–plastic steel behavior. As
well as the rebars, prestressed tendons are defined using steel material. This indicates
that the yield surface changes in all directions. To define the yield function f σð Þ
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properly, equivalent stress σ0 is introduced first. This stress value is indeed a function
of strain and temperature, as presented in Eq. (25). Here θ is the considered temper-
ature and εpl gives the value of the equivalent plastic strain, given in Eq. (26).
f σð Þ ¼ σ0 εpl, θ  (25)
σ0έpl ¼ σ : έpl (26)
Rice [23] brought forward the use of this model especially when the Bauschinger
effect is forceful. The strain rate decompositionmay be calculated fromEq. (27).When
Eq. (27) is integrated through the contour of the yield surface Eq. (28) is obtained.
dε ¼ dεel þ dεpl (27)
Figure 4.
Cyclic loading protocol for ωt ¼ 0 and ωc ¼ 1.
Parameters Values
Elastic modulus (MPa) 3.6 � 104
Ultimate tensile strength (MPa) 2.85
Ultimate compressive strength (MPa) 38.5
Poisson ratio 0.2
Density (kg/m3) 2400
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ε ¼ εel þ εpl (28)
The elasticity can be then written in terms of two temperature-dependent
material parameters. These parameters are generally selected as the bulk modulus,
K, and the shear modulus, G, which are given Eqs. (29) and (30).
K ¼ E
3 1� 2υð Þ (29)
G ¼ E
2 1þ υð Þ (30)
The constitutive material parameters used in this study for concrete and steel are
as given in Tables 2 and 3, respectively.
4. Seismic performance assessment of the selected reactor containment
building
Two basic regulations for NPP’s may be named as the 10 CFR 50 and 10 CFR 100
which are published by the Nuclear Regulatory Commission (USNRC) [24, 25]. The
former one covers the licensing issues and the latter one explains the steps of
evaluating a license. In the latter regulation, two basic earthquakes are defined
when performing a seismic hazard assessment: safe shutdown earthquake (SSE) and
operating basis earthquake (OBE). While SSE is considered to be the maximum
earthquake which could occur at the investigation site, OBE is defined as the
earthquake which could be expected to occur at the site during the lifetime of the
plant. Further in the regulation, it is stated that the maximum vibratory ground
acceleration of the OBE must be at least 33% of the maximum vibratory ground
acceleration of the SSE [24, 25].
Nowadays, the methodology for risk analysis involves the use of component
fragility curves developed using ground-motion parameters. To obtain the fragility
curves the capacity and the demand parameters should be evaluated at first
instance. It is a well-known fact that failure of both structural and nonstructural
components of an NPP are much more involved with the structural response than
the ground parameters.
The FEMA P-58-1 Guidelines [26] provide a basis to improve the risk assessment
procedure for NPPs. The guideline develops next-generation tools and new
approaches for performance assessment of buildings, with a focus on measuring
performance in terms of direct economic loss, casualties and downtime. The FEMA
P-58 Guidelines [26] present procedures for performance assessment using a
Parameters Rebars Tendons
Elastic modulus (MPa) 2 � 105 1.95 � 105
Yield strength (MPa) 486.55 1860
Yield strain (m/m) 0.002613 0.008745
Poisson ratio 0.3 0.3
Density (kg/m3) 7850 7850
Thermal expansion coefficient 1 � 10�5 1 � 10�5
Table 3.
Parameters of the steel material.
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probabilistic framework, which provides a robust methodology to integrate hazard
curves, component fragility curves and consequence functions and to capture the
dispersions in each of these elements for evaluating the performance of a building.

























































Graded approach defined in ASCE 43-05 [18].
Figure 5.
Seismic design procedure defined in ASCE 43-05 [18] for SDC 3, 4, and 5.
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acceleration of the OBE must be at least 33% of the maximum vibratory ground
acceleration of the SSE [24, 25].
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instance. It is a well-known fact that failure of both structural and nonstructural
components of an NPP are much more involved with the structural response than
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probabilistic framework, which provides a robust methodology to integrate hazard
curves, component fragility curves and consequence functions and to capture the
dispersions in each of these elements for evaluating the performance of a building.
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ASCE 43-05 [18] provides seismic design criteria for structures, systems, and
components (SSC) that are used in nuclear facilities. This is executed by using a
graded approach where the design criteria are proportional with the relative impor-
tance to safety, magnitude of the seismic event and other factors. To achieve this 20
Seismic Design Bases (SDB) are defined, where for each Seismic Design Category
(SDC) probabilistic target performance goals are used. This graded approach is
summarized in Table 4. Further in the same guide for each Limit State (LS) an
acceptable level of structural response goal is defined. While International Building
Code (IBC) [27] may be followed for SDBs defined by SDC1 and 2; for SDBs defined
by SDC 3, 4, and 5, ASCE standard should be followed as illustrated in Figure 5.
Further in the mentioned code, the Design Basis Earthquake (DBE) is defined by
Uniform Hazard Response Spectra (UHRS).
For DBE, Limit State A and D are defined as the intensity of the high and low
structural damage, respectively. In other words, Limit State D is where complete
elastic behavior is dominant. Damage regions between A and D are called the
intermediate levels. The deformation limits associated with each Limit State are
described in Table 5.
To properly determine the seismic demand, ASCE 43-05 [18] allows use of linear
equivalent static analysis, linear dynamic analysis, complex frequency response methods,
or nonlinear analysis. Moreover, when the fundamental mode is dominant then a
single step pushover methodology is allowed while conducting nonlinear analysis.
These procedures shall be conducted by following the criteria given in FEMA-356
[28] or ATC-40 [29]. This should be clarified that nonlinear analysis is only per-
mitted when beyond design earthquake is considered for low-rise regular NPPs,
where higher mode effects are negligible. Otherwise, elastic models are preferred in
the seismic design of safety-related structures.
5. Results of the conducted analysis
The 3D finite element model has been subjected to gravity, wind and snow loads
in accordance with Eurocode 1 [30], Section 4. First, to determine the fundamental
periods and vibration modes of the considered structure, eigenvalue analyses are
performed and eigenvectors have been determined. Figure 6 shows the results of
the modal analysis considering first six modes.
As it can be inferred from Figure 6, first three modal results reveal the fact that
the dome of the reactor building is the most vulnerable section. The displacement
value of the dome is calculated approximately 1 mm for the fundamental mode.
When considered the higher modes, stress concentrations around operational gaps
are observed.
Limit state Structural deformation limit
A Large permanent distortion, short of collapse
Significant damage
B Moderate permanent distortion
Generally repairable damage
C Limited permanent distortion
Minimal damage
D Essentially elastic behavior
No damage
Table 5.
Structural deformation limits for limit state defined in ASCE 43-05 [18].
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After determining the mode shapes of the outer containment vessel, nonlinear
dynamic time history analyses are conducted to assess the seismic behavior of the
structure and the stress distribution. For this purpose, PEER database has been used
and seven earthquake excitations are first selected in accordance with ATC 58 [31]
and scaled to fit Eurocode 8 [32] Soil type B design spectrum. Figure 7 compares
Figure 6.
Calculated mode shapes and periods.
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intermediate levels. The deformation limits associated with each Limit State are
described in Table 5.
To properly determine the seismic demand, ASCE 43-05 [18] allows use of linear
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single step pushover methodology is allowed while conducting nonlinear analysis.
These procedures shall be conducted by following the criteria given in FEMA-356
[28] or ATC-40 [29]. This should be clarified that nonlinear analysis is only per-
mitted when beyond design earthquake is considered for low-rise regular NPPs,
where higher mode effects are negligible. Otherwise, elastic models are preferred in
the seismic design of safety-related structures.
5. Results of the conducted analysis
The 3D finite element model has been subjected to gravity, wind and snow loads
in accordance with Eurocode 1 [30], Section 4. First, to determine the fundamental
periods and vibration modes of the considered structure, eigenvalue analyses are
performed and eigenvectors have been determined. Figure 6 shows the results of
the modal analysis considering first six modes.
As it can be inferred from Figure 6, first three modal results reveal the fact that
the dome of the reactor building is the most vulnerable section. The displacement
value of the dome is calculated approximately 1 mm for the fundamental mode.
When considered the higher modes, stress concentrations around operational gaps
are observed.
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Generally repairable damage
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Minimal damage
D Essentially elastic behavior
No damage
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Structural deformation limits for limit state defined in ASCE 43-05 [18].
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After determining the mode shapes of the outer containment vessel, nonlinear
dynamic time history analyses are conducted to assess the seismic behavior of the
structure and the stress distribution. For this purpose, PEER database has been used
and seven earthquake excitations are first selected in accordance with ATC 58 [31]
and scaled to fit Eurocode 8 [32] Soil type B design spectrum. Figure 7 compares
Figure 6.
Calculated mode shapes and periods.
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Eurocode 8 [32] design spectrum with the spectra of the selected ground motions.
The details of the selected strong ground motions are presented in Table 6. Fol-
lowing, an artificial time history record which is compatible with the mean spec-
trum has been generated and used in the nonlinear dynamic analyses. Figure 8
represents the artificial ground motion.
Figure 7.
Comparison of Eurocode 8 design spectrum with the selected ground motions spectra.






1 Imperial Valley (1979) Cerro Prieto 6.53 Strike slip 471.53 15.19 —
2 Irpinia Italy (1980) Rionero In Vulture 6.2 Normal 574.88 22.68 22.69





4 Chi-Chi Taiwan (1999) CHY010 7.63 Reverse
Oblique
538.69 19.93 19.96
5 Chi-Chi Taiwan (1999) TCU075 6.3 Reverse 573.02 24.34 26.31
6 Landers (1992) North Palm Springs Fire
Sta #36
7.28 Strike slip 367.84 26.95 26.95
7 Chuetsu-oki Japan
(2007)
Matsushiro Tokamachi 6.8 Reverse 640.14 18.16 25.03
Table 6.
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Figure 9.
Nonlinear dynamic time history results of the outer containment: (a) total displacement, (b) total deformation
and (c) total stress concentration.
Figure 10.
Nonlinear dynamic time history results of the prestressed tendons: (a) total displacement and (b) total stress
concentration.
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Modified Newton–Raphson iterative procedure has been followed during the
dynamic analysis. ABAQUS offers several convergence norms. Besides stopping the
iteration in case of convergence, the iteration process is also stopped if a specified
maximum number of iterations has been reached or if the iteration obviously leads to
divergence. The detection of divergence is based on the same norms as the detection
of convergence. A preferred way to check the convergence is the energy norm.
As the consequence of dynamic analysis total displacement, total deformation and
total stress concentration values are illustrated in Figure 9. It should also be
highlighted that results of the modal analysis are in good correlation with the dynamic
results and the most vulnerable section is assessed as the dome of the structure. In
Figure 9(a), total displacement graph has been presented. The maximum displace-
ment value has been calculated as 7.625 mm at the roof. The deformation graph,
which is represented in Figure 9(b), is compatible with the stress concentration that
is represented in Figure 9(c). Total displacement and stress concentration graphs of
the prestressed tendons are given in Figure 10(a) and (b), respectively.
6. Conclusions
In this study, seismic behavior of the outer containment of a sample reactor
building has been analyzed. First, details of the 3D model have been presented, and
material models are described in detail. Following that, results of the eigenvalue
analysis are discussed. Then, nonlinear time history analyses are conducted using
the artificial record which is compatible with the mean design spectrum of the
selected ground motions that are previously scaled to Eurocode 8 Soil Type B design
spectrum.
The primary outcome of the study is that the most critical section of a reactor
building may be assessed as the dome of the structure. More care should be given
while designing the dome. In the recent literature, to overcome the deficiencies of
prestressed concrete, use of fiber reinforced concrete is proposed due to the fact
that these fibers in plain concrete directly effects both the ultimate capacity and
post-cracking behavior of a conventional prestressed containment. It may also be
interpreted from these ongoing studies that the structural performance of compo-
nents of an NPP improves when these fibers are used with plain concrete.
It is believed that the study should be developed to consider inelastic behavior of
soil and soil-structure interaction effects should be taken into account in the
dynamic analysis.
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Corrosion Effect on Bond Loss 
between Steel and Concrete
Charis Apostolopoulos and Konstantinos Koulouris
Abstract
This chapter is devoted to the effects of steel corrosion on bond relationship 
between steel and concrete. One of the basic assumptions in design of reinforced 
concrete members is the perfect steel - concrete bond mechanism, so that strain 
of reinforcing bar is the same as that of the surrounding concrete and these two 
different materials act as one. However, corrosion of steel reinforcement consists 
one of the main durability problems in reinforced concrete members, downgrade 
the bond behavior and therefore their structural integrity. Corrosion degrades 
the reinforcement itself, reducing the initial cross-section of the steel bar and its 
mechanical properties. Furthermore, tensile stresses in surrounding concrete caused 
due to oxides on the corroded reinforcement, lead to the gradual development of 
tensile field to the surrounding concrete, with spalling of the cover concrete and 
loss of bond mechanism as a consequence. In this chapter, an overview of damage of 
reinforced concrete due to steel corrosion is given, focused on the bond mechanism; 
factors that play key role in the degree of bonding and, also, proposed models of 
bond strength loss in correlation with the surface concrete cracking due to corrosion 
are indicated. To conclude, the ongoing research in this area of interest is presented, 
based on recent scientific studies.
Keywords: steel corrosion, bond loss, surface cracking, bond strength, predictive 
model, corrosion damage
1. Introduction
Reinforced concrete consists the most widely used construction material of the 
existing building stock, providing high bearing capacity in conjunction with low 
production cost. Due to weakness of plain concrete to withstand tensile forces, steel 
reinforcing bars are introduced into concrete to enhance its overall mechanical 
performance. The key consideration so as to ensure that steel and concrete cooperate 
is the bond mechanism between them. However, corrosion of steel reinforcement 
constitutes a major degradation factor, which leads to premature aging of RC 
structures. Recent reports have indicated huge economic impacts due to corrosion 
damage, since a significant part of the annual budget in many countries is spent 
on maintenance, repair, and rehabilitation of RC structures [1, 2]. For instance, 
results of a study conducted by NACE [1] refers that the cost of corrosion is globally 
estimated to be US$2.5 trillion, approximately 3.4 percent of the global GDP.
It is a common knowledge that corrosion process has initially slow rate in nature, 
since it takes a long period of more than about 10 or 15 years until the aggressive 
environmental agents diffuse into concrete and reach the steel reinforcement so 
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as to create the electrochemical cell of corrosion. Concrete cover thickness and a 
thin passive layer on steel surface, due to high alkalinity of concrete (pH at about 
12.5) protect the reinforcement, delaying the penetration and diffusion of cor-
rosive factors. Nevertheless, when aggressive environmental factors, as chloride 
ions, reach a critical concentration rate, accompanied by reduction of pH below 
9, steel reinforcement depassivates and corrosion initiates [3]. Several scientific 
studies have been conducted, investigating the rate of chlorides’ diffusion through 
the porrosive concrete, aimed at the establishment of a critical value (threshold) of 
chloride content in order to predict the onset of corrosion [4–6]. The majority of 
researchers model chloride transport in concrete using the Fick’s second law of dif-
fusion, neglecting the chloride interaction with the solid phase [7]. However, there 
are many uncertainties since many factors influence the rate of chloride penetration 
into concrete, such as porosity and cracks of concrete, temperature, moisture and 
salinity of corrosive environment. Hence, due to misinterpretations and various 
results in literature to date, there is no broadly accepted by the scientific community 
method of estimating and modeling the onset of corrosion by means of the critical 
chloride content. Due to the abovementioned, modern international regulations on 
the design of concrete structures, as BSI EN 206–1 [8], based on long term service 
life of reinforced concrete, proposed minimum values of cover thickness and 
concrete classes, depending on the environmental exposure conditions, in order to 
ensure high protection level of reinforcement against corrosion.
As aggressive agents penetrate and act in limited exposed to corrosion areas 
rather than the entire length of the reinforcing bars, the corrosion effect is mainly 
characterized by non-uniformity along the steel bars and is detected by pits on 
their surface. During corrosion process, steel tends to return to its initial ore form 
resulting in mass loss and its conversion to iron oxides (rust) on steel surface. 
Consequences of corrosion damage on steel reinforcement are the reduction of the 
initial cross-section, resulting in increase of applied mechanical stresses and stress 
concentration due to pit development, as well as the degradation of its mechanical 
properties. During the last decades, an effort has been made so as to estimate and 
quantify the corrosion effect on steel reinforcing bars. The non-uniform distribu-
tion of corrosion damage on the steel cross section agreed to be one of the primary 
cause of mechanical properties’ degradation, which has been studied by many 
researchers [9–13]. Sun [12] and Andisheh et al. [13] tested bare reinforcing bars 
under monotonic loads, depicting the significant material degradation. Extending 
the research upon steel corrosion in concrete, experimental studies on embedded 
reinforcing bars [14–16] indicated more severe corrosion damage, accompanied by 
narrow pits, which leads to further reduction of mechanical response. Nonetheless, 
experimental results of both bare and embedded corroded steel reinforcement 
mainly showed ductility drop rather than reduction of effective stress. To this 
effect, several studies targeted on the relationship between the degree of corro-
sion of steel reinforcement and the bearing capacity of corresponding reinforced 
concrete structures [17–19]. Recently, Kashani et al. [20] presented a state of the 
art review up to date concerning the current knowledge upon residual capacity of 
corroded RC elements.
The iron oxides developed due to corrosion phenomenon on steel bars’ surface 
occupy 4 to 6 times greater volume of the mass lost, generating tensile stresses in 
surrounding concrete with subsequent concrete cracking and spalling of the cover 
concrete. Hence, corrosion impairs the interface between steel and concrete and 
therefore affects the bond between them [21]. Bond is the imperative mechanism to 
denote the transfer of forces between reinforcement and surrounding concrete [22], 
which is mainly influenced by chemical adhesion, friction and mechanical interlock 
due to the presence of ribs.
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Besides corrosion phenomenon, the aspects of steel – concrete adhesion depend 
to a high extent on numerous parameters related to both steel and concrete, namely 
steel bar geometry, concrete strength and confinement due to transverse reinforce-
ment and concrete cover thickness [23]. The influence of compressive concrete 
strength on bond behavior of RC specimens has been studied by Abosrra et al. [24] 
and Zandi and Coronelli [25]. Yalciner et al. [26] conducted an experimental study 
on bond strength loss due to corrosion taken into account both the compressive 
strength of concrete fc and the ratio of concrete cover thickness to nominal steel 
diameter c/D. Testing RC specimens without stirrups, Maslehuddin et al. [27] 
indicated that although a slight improvement of bond strength is demonstrated in 
low corrosion levels, sharp degradation pf bond strength is recorded as corrosion 
increases. Recently, experimental studies by Zandi et al. [28], Lin et al. [29] and 
Apostolopoulos and Koulouris [30] investigated both the significant role of stirrups 
spacing and corrosion carrying out eccentric pull out tests on RC elements with 
usual design values of concrete cover.
2. Corrosion of steel reinforcement
Steel reinforcement is the determinant factor of bearing capacity of reinforced 
concrete elements. However, in case of structures located in coastal regions (or 
marine environment), where high chloride contents are indicated, steel rein-
forcement degrades due to chloride-induced corrosion and subsequently leads to 
durability problems of the entire RC structures.
It is a common knowledge that steel reinforcement is initially protected by 
concrete cover and a passive layer on its surface. In particular, concrete cover thick-
ness acts as a physical barrier between steel and corrosive environment, delaying 
the penetration and diffusion of corrosive factors through pores of concrete. At 
the same time, high alkalinity of concrete due to cement (pH ~ 12.5) results in 
protection of steel, forming a thin passive layer of ferric oxides on its surface. 
Chlorides reach the surface of concrete, enter the pore system either by diffusion 
(in stationary pore water), or by capillary suction of the surface water in which they 
are dissolved (or by combination of both transport mechanisms) [31]. It is assumed 
that there is an initiation period, until chloride ions reach the reinforcement, during 
which substances as water, chloride ions diffuse into concrete and reach the certain 
concentration necessary to trigger corrosion of the steel reinforcement [32]. This 
process has slow rate in nature, since it takes a long period of more than about 10 or 
15 years, until the aggressive environmental agents reach the steel reinforcement, 
accompanied by reduction of concrete pH below 9, depassivate it and then corro-
sion initiates, Figure 1. When the passive protection breaks down then onset of 
steel corrosion (oxidation) takes place and gradually rust occurs on its surface.
Corrosion is an electrochemical phenomenon, in which the existence of an 
anode, a cathode, an electron pathway and electrolyte (ionic pathway) is required. 
The electrochemical reactions that occur during the corrosion process are presented 
as follows, in Eq. (1) and (2), [33]:
The anodic reaction (oxidation),
 2Fe Fe 2e+ −→ +   (1)
Since two electrons (2e−) released in the above anodic reaction, there must be 
another reaction (cathodic reaction) in order to ensure the electrical neutrality on 
steel surface. This cathodic reaction, Eq. (2), consumes water and oxygen.
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The cathodic reaction,
 2 212e H O O 2OH2
− −+ + →   (2)
The above two chemical equations contain the basic reactions at the first stages of 
corrosion. Then, as corrosion propagates, hydration reactions are followed, Eq. (3) - 
Eq. (5), so as to form hydrated ferric oxide (yield red rust) Fe2O3∙H2O:
 2 2Fe 2OH Fe(OH)
+ −+ →   (3)
where is Fe(OH)2 ferrous hydroxide,
 2 2 2 34Fe(OH) O 2H O 4Fe(OH)+ + →   (4)
Figure 1. 
Stages of corrosion in RC structures.
Figure 2. 
Corrosion products (rust) cause tensile stresses in concrete leading to cracking and spalling of concrete cover.
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where 4Fe(OH)3 is ferric hydroxide and
 3 2 3 2 22Fe(OH) Fe O H O 2H O→ ⋅ +   (5)
where is Fe2O3·H2O hydrated ferric oxide (rust).
As shown in Figure 2, oxides (rust), which are formed due to corrosion on steel 
surface, occupy 2 to 6 times greater volume of the attacking mass [15], causing 
tensile stresses in surrounding concrete and, thereafter, leading to gradual concrete 
cracking development and spalling of the cover concrete. Hence, corrosion phe-
nomenon affects significantly the steel reinforcement, reducing its initial cross-
section, degrades its mechanical properties and bond between steel and concrete.
3. Laboratory testing
The capacity assessment of corroded reinforced concrete elements consists 
an engineering task of major importance, since the effects of steel corrosion have 
become more apparent. Nevertheless, the current international regulations and 
standards do not determine degradation rules of RC elements; thus, there is need 
to develop codes, taking into account the deterioration of materials and the subse-
quent reduction of structural capacity of RC members.
In order to study and quantify the consequences of corrosion, laboratory 
methods have been developed to simulate and accelerate the natural process. One of 
the most widespread accelerated corrosion techniques, used for the goals of many 
studies is impressed current density technique.
In this accelerated corrosion technique, the reinforcing steel bars (to be corroded) 
and stainless-steel bars are connected to the positive and the negative pole of a power 
supply, respectively, and are immersed in tanks, which are filled by a sodium chloride 
(NaCl) solution in content of 5% (by weight of water). In this way, an electric circuit 
is generated, since the reinforcing steel bars act as anode of circuit, the stainless-steel 
bars act as cathode and the NaCl solution is the electrolyte, which allows ions to 
flow into the circuit. Direct electric current is induced to the reinforcing steel bars 
through the power supply in order to accelerate the electrochemical reaction of cor-
rosion [34]. This technique is in accordance with ASTM standards, although all the 
individual parameters needed to create a standard corrosive environment have not 
Figure 3. 
Simplified procedure of accelerated electro-corrosion (left) - accelerated corrosion experiments on RC specimens 
via inducing current (right).
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been determined yet. Nevertheless, the main advantage of this method is the ability 
to control the rate of corrosion, which usually varies due to changes in the resistivity, 
oxygen concentration, and temperature.
In Figure 3 an indicative automatic system (found in Laboratory of Technology 
& Strength of Materials of University of Patras) is illustrated, which has been used 
for the performance of electrochemical corrosion tests. The specific system enables 
implementation of different corrosive conditions, in terms of impressed current 
density and ponding cyclic corrosion (wet/dry duration).
4. Differential aeration corrosion on steel reinforcement
In case of steel reinforcing bars, embedded in concrete, the corrosion damage is 
depicted in finite areas along their length, recording significant reduction of initial 
cross-section, as shown in Figure 4. Recent studies have indicated that the existence 
of voids and pores in concrete allows not only the penetration and diffusion of 
corrosive agents but also the higher oxygen concentration on steel bars’ surface, 
consisting a favorable condition for differential aeration corrosion. The anodic 
dissolution rate depends solely upon the potential difference across the electrolyte-
metal surface.
In order to further investigate and simulate the consequences of differential 
aeration corrosion, Apostolopoulos et al. [35] conducted accelerated corrosion 
experiments on bare reinforcing steel bars, taking into account different exposure 
to corrosion lengths. The results demonstrated that corrosion damage depends on 
the exposed to corrosion length, as short samples record higher mass loss percent-
ages and more intense pitting, for the same corrosion duration. In particular, 
specimens with the short exposed to corrosion length demonstrated about 4 times 
greater percentage mass loss in contrast to specimens with the long exposed to 
corrosion length, for 300 h of accelerated corrosion time [35], which is due to 
Differential aeration corrosion.
In case of RC specimens of experimental study with weak concrete cover 
thickness, where bond forces are tested, differential aeration corrosion phenom-
ena are detected on ribs. In particular, during the phase of concrete hardening, 
micro-cracks are recorded in the area of the edge of ribs, which lead to accelerate 
the penetration of aggressive agents to the steel reinforcement, starting from 
the damage from the ribs (as closer to the outer surface). Thus, ribs are more 
vulnerable to corrosion, resulting mainly in degradation of steel - concrete bond 
mechanism which leads to mechanical interlock’s loss and rise of slippage. In 
that manner, corrosion primarily affects bond behavior of RC elements rather 
than their mechanical properties, even in low corrosion level. Figure 5 illustrates 
intense pits on surface due to corrosion, which subsequently causes loss of ribs, 
especially on the outer half of the steel bar’s circumference, adjacent to the 
 external surface of RC specimens.
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5. Corrosion effect on bond strength
Corrosion factor is responsible for reduction of the cross-sectional area of steel 
reinforcement, degrading the mechanical properties [9–14], and causing cracks 
and spalling of the cover concrete, which leads to deterioration of steel - concrete 
interface and, subsequently, to bond loss between them. In order to assess the 
structural integrity of corroded RC members, many researchers have studied and 
quantified the consequences of mechanical performance of steel reinforcement 
due to corrosion and proposed degradation material laws [15–16]. However, as it is 
abovementioned, bond behavior is primarily affected by corrosion, as the transfer 
of forces between reinforcement and surrounding concrete weakens. Thus, the 
reference to degradation of mechanical properties of steel reinforcement is not a 
central issue in this chapter.
Regarding the interface characteristics in RC elements, Model Code 2010 [36] 
recommends the calculation of ultimate bond strength fbd in the non-corroded 
condition, as presented in Eq. (6), in which concrete and steel class, steel bar 
diameter and the contribution of confinement via cover thickness and transverse 
reinforcement are taken into account.
 ( ) ,α α= + ⋅ + ⋅bd b trf f p2 3 0 2   (6)
where fb,0 is the basic bond strength, which depends on concrete and steel quality, 
bar geometry and the casting position of steel bar during concreting,
α2 and α3 are coefficients, which represent the influence of passive confinement 
from concrete cover thickness and from transverse reinforcement, respectively, in 
excess of their respective permissible minima, and.
ptr is the mean compression stress perpendicular to the potential splitting failure 
surface at the ultimate limit state.
Prolonged exposure of reinforced concrete structures to a corrosive environment 
causes significant degradation problems in the steel-concrete bond mechanism, 
allowing relative slip to develop between steel and concrete and reducing the bond 
strength between them. Consequently, the bond loss effect due to the environmental 
action prevents the development of full bearing capacity of reinforced concrete 
elements until they behave as unreinforced members. From the abovementioned, 
it is obvious that bond mechanism is a main criterion in design of RC members. 
However, there is a gap in international codes, regarding the quantification of 
bond strength loss due to corrosion. In particular, even though range of values 
are proposed by Model Code 2010 for the estimation of reduced bond strength, 
Figure 5. 
Corrosion damage on steel surface. Inner half of steel bar’s circumference (up) - outer half of steel bar’s 
circumference (down).
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been determined yet. Nevertheless, the main advantage of this method is the ability 
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oxygen concentration, and temperature.
In Figure 3 an indicative automatic system (found in Laboratory of Technology 
& Strength of Materials of University of Patras) is illustrated, which has been used 
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considering corrosion penetration and surface crack, nevertheless the influence 
of stirrups spacing as well as the impact of non-uniform type of corrosion damage 
on steel bar’s surface through pits, which is the most common in practice, are not 
determined yet. Due to this, there is area of research so as to establish degrada-
tion models, including the effect of both density of stirrups and local reduction of 
cross-section in maintenance of bond strength of corroded RC elements. Moreover, 
the term corrosion penetration, which is found in many regulatory texts, refers to 
a uniform circumference loss of the circular cross section due to mass loss, case of 
uniform corrosion which is practically non-existent in real RC structures exposed to 
chloride induced corrosion.
On this basis, many researchers have studied the effect of corrosion on bond 
between steel and concrete [24–30]. As Maslehuddin et al. [27] reported, bond 
strength of RC specimens without transverse reinforcement increases slightly in 
low corrosion degree; however, sharp bond loss takes place with the propagation 
of corrosion. These findings are in aggrement with the study of Auyeung [37], 
which demonstrated up to 80% bond strength loss due to only 2% reduction of 
steel cross-section. A more comprehensive study is presented by Lundgren [38] 
concerning the contribution of stirrups to the bond behavior of corroded RC ele-
ments. In real RC structures the estimation of corrosion penetration and mass loss 
of steel bars consists a difficult task, since steel bars are embedded in concrete and 
corrosion damage is non-uniform on steel’s surface. However, cracks due to steel 
corrosion on concrete surface are visible and their width can be easily measured, 
as shown in Figure 6. For this reason, recent scientific studies tend to quantify the 
corrosion damage of the embedded steel reinforcement through the surface crack-
ing width and, subsequently, estimate the local bond loss [10, 21, 24–30, 37–44]. 
An empirical correlation between the loss of steel bar’s diameter and the average 
corrosion penetration has been proposed by Torres-Acosta et al. [39]. Moreover, 
studies of Andrade et al. [40] and Tahersamsi [10] link the surface cracking width 
Figure 6. 
Surface concrete cracking due to steel corrosion (left) -measuring of crack width on concrete (right).
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with the corrosion damage of steel bar and the loss of bond strength. Recent 
experimental study of Lin et al. [29] investigated the influence of concrete cover 
thickness and stirrups on the occurrence of surface cracks and on the subsequent 
bond strength loss. Gathering various experimental data, a predictive model of 
bond strength loss as a function of surface concrete cracking has been suggested by 
Zhou et al. [41].
Based on the abovementioned, a broad and ongoing experimental research 
on corroded RC elements was conducted by Apostolopoulos and Koulouris [30], 
studying the influence of stirrups spacing (density) and concrete cover thickness on 
bond behavior of corroded RC specimens, in correlation with the surface cracking 
width due to corrosion. The results depict close correlation of bond strength with 
surface concrete cracking width.
The depassivation of protective layer on steel reinforcement leads to onset of 
corrosion, the propagation of which develops various range of surface concrete 
cracking along the reinforcing bars. As illustrated, firstly in the following Figure 6 
(Rigth) and thereafter in Figure 7, the surface cracking width varies depending on 
corrosion level, stirrups spacing and concrete cover thickness.
In the case of specimens with concrete cover of 25 mm, the values of aver-
age surface crack width followed a common path up to a low corrosion level 
of 3% (Figure 7 Left). It is noteworthy that the specimens with dense stirrups 
(Φ8/60 mm) demonstrated initially higher values of cracking width, since cor-
rosion potential was higher due to the high percentage of steel reinforcement; 
however, as corrosion degree increases the confinement provided by dense stirrups 
limited the progressive development of surface cracking. On the other hand, the 
specimens without stirrups) recorded initially limited range cracking, due to the 
low percentage of steel, whereas in higher corrosion levels the absence of confine-
ment lead to rapid growth rate of cracking width.
Similar results were recorded in the case of specimens with concrete cover of 
40 mm (Figure 7 Right). More specific, specimens without stirrups and specimens 
with dense and quite dense stirrups (Φ8/60 mm and Φ8/120 mm respectively), 
for mass loss equal to 3%, depicted similar range of surface crack width. In con-
trast, specimens with stirrups Φ8/240 mm, for the same percentage of mass loss, 
recorded sudden and remarkable high range of surface crack. In this group pf 
specimens, namely with concrete cover thickness equal to 40 mm, the confined 
cross section is reduced in line to the specimens with concrete cover thickness equal 
to 25 mm. Hence, poor confinement level in conjuction with corrosion initiation 
impacts the uncontrolled propagation of surface cracking.
Figure 7. 
Average crack width on concrete surface in function of percentage mass loss of steel bar. Cover thickness 25 mm 
(left) and 40 mm (right).
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considering corrosion penetration and surface crack, nevertheless the influence 
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studying the influence of stirrups spacing (density) and concrete cover thickness on 
bond behavior of corroded RC specimens, in correlation with the surface cracking 
width due to corrosion. The results depict close correlation of bond strength with 
surface concrete cracking width.
The depassivation of protective layer on steel reinforcement leads to onset of 
corrosion, the propagation of which develops various range of surface concrete 
cracking along the reinforcing bars. As illustrated, firstly in the following Figure 6 
(Rigth) and thereafter in Figure 7, the surface cracking width varies depending on 
corrosion level, stirrups spacing and concrete cover thickness.
In the case of specimens with concrete cover of 25 mm, the values of aver-
age surface crack width followed a common path up to a low corrosion level 
of 3% (Figure 7 Left). It is noteworthy that the specimens with dense stirrups 
(Φ8/60 mm) demonstrated initially higher values of cracking width, since cor-
rosion potential was higher due to the high percentage of steel reinforcement; 
however, as corrosion degree increases the confinement provided by dense stirrups 
limited the progressive development of surface cracking. On the other hand, the 
specimens without stirrups) recorded initially limited range cracking, due to the 
low percentage of steel, whereas in higher corrosion levels the absence of confine-
ment lead to rapid growth rate of cracking width.
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40 mm (Figure 7 Right). More specific, specimens without stirrups and specimens 
with dense and quite dense stirrups (Φ8/60 mm and Φ8/120 mm respectively), 
for mass loss equal to 3%, depicted similar range of surface crack width. In con-
trast, specimens with stirrups Φ8/240 mm, for the same percentage of mass loss, 
recorded sudden and remarkable high range of surface crack. In this group pf 
specimens, namely with concrete cover thickness equal to 40 mm, the confined 
cross section is reduced in line to the specimens with concrete cover thickness equal 
to 25 mm. Hence, poor confinement level in conjuction with corrosion initiation 
impacts the uncontrolled propagation of surface cracking.
Figure 7. 
Average crack width on concrete surface in function of percentage mass loss of steel bar. Cover thickness 25 mm 
(left) and 40 mm (right).
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Nevertheless, with the evolution of corrosion, specimens with dense connectors, 
namely Φ8/60 mm, noted a significant decrement of surface cracking development. 
This particularly notable decrease, recorded in specimens with dense stirrups, 
was applied to both categories of specimens, one with concrete cover thickness of 
25 mm and the other with concrete cover of 40 mm. More precisely, an average 
crack width equal to 1 mm has been recorded, for mass loss between 8.5% and 9%, 
respectively.
It is obvious that surface crack width is the outcome of corrosion damage of steel 
reinforcement; surface cracking is directly linked to various parameters beginning 
with the existence and amount of transverse reinforcement and cover concrete 
thickness. For both groups of specimens with different concrete cover (25 mm and 
40 mm, respectively), the presence of dense stirrups (Φ8/60 mm) is preceded 
with a remarkable limitation of the surface cracking evolution to a width threshold 
of 0.90 mm, corresponding value to the abovementioned average mass loss of 
8.5%–9.0%.
In order to investigate the bond behavior, pull out tests of uncorroded and 
corroded RC specimens conducted, the results of which confirmed that, in both 
cases of concrete cover thickness of 25 mm and 40 mm, the increase of the average 
range of surface cracking brought a dramatic decrease of bond strength between 
concrete and steel bar, Figure 8. Moreover, obtained by non-linear regression 
analysis, exponential predictive models of bond strength loss due to corrosion of 
steel reinforcement were given, derived from the correlation of bond strength loss 
of corroded specimens and surface cracking of concrete. The functions of predic-
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where A is a parameter that depends on the concrete cover (c) and the amount 
of transverse reinforcement (stirrups spacing or absence of stirrups). The values of 
parameter A for each predictive model, and the corresponding values of the R2 coef-
ficient, are presented in the following Table 1. As shown by the predictive curves, 
stirrups spacing is main influencing factor of bond strength degradation due to 
corrosion. Hence, there is need to determine specific models of bond loss in order to 
enhance the current technical codes.
Figure 8. 
Predictive models of bond strength loss correlated to the average surface crack width. Cover thickness 25 mm 
(left) and 40 mm (right).
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Among specimens of the same concrete cover, it is clear that densification of 
transverse reinforcement slows down the progression of bond loss. In particular, 
specimens with concrete cover equal to 25 mm and dense stirrups Φ8/60 mm, the 
bond strength performance, even though its initial increase up to a threshold of 
0.60 mm crack width, remained stable as in the case of non-corroded specimens. 
Moreover, among specimens of similar range of cracking, specimens without 
stirrups recorded a decline of bond strength performance equal to 57%, whereas 
specimens with wide stirrups (Φ8/240 mm) and quite dense stirrups (Φ8/120 mm) 
recorded a decrease of bond strength performance equal to 35% and 15%, 
respsectively.
The wide stirrups spacing (Φ8/240 mm), in case of 25 mm cover thickness, 
degrades bond strength performance, leading to a residual bond strength equal 
to 40% of the non-corroded bond strength, corresponding to a crack width of 
1.45 mm, whereas the absence of stirrups (specimens without stirrups) recorded 
bond loss equal to 16% of non-corroded value. The abovementioned outcomes 
transposed to former practices, as in the existing building stock, the use of trans-
verse reinforcement accounts for four pieces per linear meter, i.e. Φ8/250 mm. 
Thus, loss of bond strength seems to be inevitable.
In the case of cover thickness of 40 mm, the absence of stirrups deteriorates 
rapidly bond strength contrary to the dense fitting of stirrups (Φ8/60 mm) where 
this benefits, thereby delaying bond strength degradation.
The bond strength between steel and concrete demonstrates a denoting drop 
when increasing the range of surface cracking; it follows from the assessment of 
both cases of concrete cover that as the range of surface cracking raises, the thresh-
old of bond strength performance reduces. These results come in good agreement 
with results of former studies, to name Lin et al. [29], Fischer and Ozbolt [42], 
Almusallam et al. [43] and Rodriguez et al. [44].
Given the tendency to approach the issue of bond strength between concrete 
and steel, exponential predictive models were developed in order to link the bond 
strength loss of corroded specimens to the average width of concrete surface 
cracking. The exponential model introduces an adequate approach of bond strength 
loss and comes to agreement with previous studies [43, 44] as corrosion evolves. 
Hence, so as to assess the bond loss, besides the traditional method of chlorides’ 
measurement, surface cracking measurement occurs as an emerging methodology. 
Notwithstanding the efforts of the scientific community to correlate experimental 
results of current literature, the issue of dispersion is pertinent due to several 
parameters, to cover thickness, concrete class, nominal diameter of steel reinforce-
ment, presence of stirrups. It is also noteworthy that, in existing experimental 
literature, exponential models are proposed as predictive models of bond behavior 
of corroded RC elements, regardless of the differences denoted in all parameters 
to-be-tested in comparative studies.
Cover (mm) No Stirrups Φ8/240 Φ8/120 Φ8/60
25 A 1.435 0.736 0.274 0.117
R2 (%) 96.2 96.5 97.7 45.9
40 A 1.257 0.724 0.499 0.260
R2 (%) 97.5 96.0 91.9 80.1
Table 1. 
Parameters (by regression analysis) for the exponential predictive model of bond strength loss.
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Extending the investigation of bond behavior of corroded RC members and 
focusing on values of maximum pull-out force and, subsequently, bond strength, 
and not on bond loss, the role of stirrups spacing is more highlighted, where bonding 
between steel and concrete degrades due to corrosion and the developed maximum 
pull-out force drops. The usage of dense transverse reinforcement contributes to 
bond behavior, not only reducing the bond loss rate, but leading to greater values of 
maximum pull-out force due to confinement, Figure 9.
In an effort to estimate that influence of stirrups spacing on non-corroded 
condition, the presence of wide stirrups (Φ8/240 mm) present maximum bond 
strength equal to 7.04 MPa, whereas quite dense (Φ8/120 mm) and dense stirrups 
(Φ8/60 mm) equal to 9.10 MPa and 9.53 MPa, respectively. The percentages attrib-
uting the increase of bond strength against specimens without stirrups are 35.9%, 
75.6% and 84%, respectively. It is noteworthy that, quite dense stirrups spacing 
(Φ8/120 mm) result in sufficient bond strength levels, whereas further densifica-
tion leads to minor increase of bond strength, nevertheless delays the bond loss. 
Extrapolating the abovementioned on real RC structures, stirrups’ densification 
above a certain threshold, is considered inappropriate since it could lead on the one 
hand to substantial increase of costs and on the other hand to rapid rise of corrosion 
rate, due to potential increase.
Moreover, bond stress - relative slip curves are exported from pull-out tests for 
each corrosion level and for each category of stirrups spacing, respectively. Typical 
curves of uncorroded and corroded specimens are shown in Figure 10.
The harmful influence of corrosion phenomenon on bond behavior between steel 
and concrete can be seen examining the bond stress - slip curves of Figure 10, and 
in particular group of specimens without stirrups. Uncorroded specimens - where 
no surface cracking had been initially observed - showed a quasi linear relationship 
between bond stresses and relative slip till the point of bond strength’s development. 
During this phase, cracks were occurred, parallel to the axis of steel bar, and gradu-
ally were developed due to the radial stresses, which are transferred from steel to 
concrete. After the development of bond strength, sharp decline of bond stresses 
and complete bond loss followed. In the case of corroded specimens (without 
Figure 9. 
Bond strength values in function with average crack width.
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stirrups) intense surface concrete cracking was recorded, due to steel corrosion, 
even in low mass loss levels. As a result of this cracking, bond behavior degrades 
dramatically, as confirmed by the corresponding curves of Figure 10, since both the 
steel-concrete interface is damaged by the corrosion oxides and the confinement 
level is deteriorated by the cracks in concrete cover.
On the other hand, as shown by the groups of specimens with stirrups, surface 
cracking and degree of bond loss is strongly correlated with stirrups spacing. In 
particular, specimens with quite wide stirrups (Φ8/240 mm) showed that trans-
verse reinforcement has a positive impact on bond behavior in uncorroded condi-
tion, as greater values of bond stress indicated. However, when corrosion occurs, 
accompanied by surface concrete cracking, bond resistance degradates as reflected 
in responding curves, where bond strength reduces significantly, and subsequently 
low values of residual bond stress are recorded.
Greater contribution of stirrups to bond behavior was noticed on specimens 
with quite dense stirrups spacing (Φ8 /120 mm), where even higher bond strength 
values are indicated, and while bond behavior degrades due to corrosion damage 
nevertheless does not demonstrate a massive drop mainly due to confinement. In 
addition, in the case of wide stirrups (Φ8 / 60 mm), full use of bond behavior, even 
after corrosion damage, occurs, with residual bond stress recorded after the peak 
of bond strength. It is also noteworthy that specimens of this category had finally 
ended due to failure under tension. Thus, that densification of stirrups make full use 
of bearing capacity of steel reinforcing bars and subsequently of RC elements. From 
the aforementioned, it becomes obvious that the use of dense stirrups (Φ8/60 mm) 
leads to full bonding between steel and concrete, in uncorroded and corroded 
conditions respectively, marking both high bond strength and high residual bond 
stress after the ultimate pull out force.
To conclude, existence of stirrups contributes to bond behavior, and subse-
quently, greater density of stirrups affects both the reduction of bond loss’ degrada-
tion rate due to steel corrosion, as well as the increasing of bond stresses values 
due to greater confinement. The use of wide stirrups (Φ8 / 240 mm) enhances the 
Figure 10. 
Bond stress - slip curves obtained from pull out tests.
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bond strength, in uncorroded conditions, about 35.9% in comparison with group 
of specimens without stirrups. However, when corrosion occurs, the subsequent 
surface cracking degrades significantly the confinement and the bond between 
steel and concrete, about 60% reduction against of uncorroded specimens with 
Φ8 /240 mm. Specimens with quite dense stirrups (Φ8 /120 mm) indicated higher 
bond strength values, and while bond behavior degrades due to corrosion damage 
nevertheless does not demonstrate a massive drop mainly due to confinement, 
about 32%. Finally, Dense stirrups spacing, specimens with Φ8/60 mm, ensure high 
level of bond behavior, either in terms of bond strength or of residual bond stress, 
both in uncorroded and corroded conditions. Furthermore, stirrups spacing of 
60 mm results in full anchorage of steel reinforcing bars and make full use of their 
bearing capacity.
6. Conclusions
The present chapter presents an extensive and ongoing experimental research, 
which was conducted in Laboratory of Technology and Strength of Materials, in 
University of Patras, and comes to agreement with corresponding results of other 
scientific studies. The effect of steel corrosion on bond loss between steel and 
concrete was deeply investigated, including influencing parameters such as concrete 
cover thickness, density of stirrups and surface concrete cracking. The results of 
this research, the following outcomes were obtained:
• The width of surface cracking on concrete due to corrosion of steel reinforce-
ment is closely related both to the cover thickness and to the amount of stirrups 
or their absence in RC element.
• Existence of stirrups contributes to bond behavior, and subsequently, greater 
density of stirrups affects both the reduction of bond loss’ degradation rate 
due to steel corrosion, as well as the increasing of bond stresses values due to 
greater confinement.
• The development of surface cracking in concrete is associated with an 
 exponential reduction of bonding forces.
• Based on the fact that presence of dense connectors, Φ8/60 mm, was accompa-
nied by a clear limitation of the surface cracking development, it appears that 
the densification of stirrups (through the confinement) contributes positively 
to maintaining bond between steel reinforcement and concrete.
• In conclusion, there is a need for further improvement and strengthening 
of existing technical codes, introducing predictive models of bond loss in 
 function with corrosion damage, cover thickness, surface concrete cracking 
and density of stirrups.
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The purpose of this chapter is to present a methodology for developing Control,
Measurement and Monitoring Plans. It aims to apply risk-based thinking associated
with the works control plan. The failures and rework of the works must not be
accepted as inevitable or even as certainties. They must be considered permanent
challenges to their management. The importance of using risk assessment
techniques in the planning and control of the production activities of the works is
evident. Control, measurement and monitoring process should provide the
assessment of risks and failures, should demonstrate technical compliance of the
work, and should improve operational efficiency. Thus, it is important to define a
methodology for the preparation of the Control, Measurement and Monitoring Plan
(PCMM), to be implemented in the execution of the works, in order to ensure the
conformity of the works with its technical and regulatory requirements. It must
establish which the trials and control inspections, its acceptance criteria, its
purposes, frequencies and responsible and it must also identify and assess its risks.
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1. Introduction
Building works productivity is not only improved with more works and more
companies. It improves with more competitive companies and with better
organizational and technological capacity.
The work of the Construction is developed within a growing and demanding
context where rigor and competence in production management are necessary
conditions for the provision of the best service and product, being also essentials to
maximize the profitability of the works [1].
For building companies, the logical choice to ensure competitive advantage with
the rest of industry requires the use of new productivity tools and work production
control methods. In many manufacturing industries, production processes have
been modified with the implementation of systems that limit the existence of the
failures and reworks along the production flow. These industries are confined to
factories and can implement efficient monitoring systems that define any process
accurately and subsequently monitor their implementation [2, 3].
Defects and rework should not be accepted as inevitable or even as certainties
but considered as a permanent challenge to the management of the works, being
important to use risk assessment techniques there its planning and control [2].
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Building works productivity is not only improved with more works and more
companies. It improves with more competitive companies and with better
organizational and technological capacity.
The work of the Construction is developed within a growing and demanding
context where rigor and competence in production management are necessary
conditions for the provision of the best service and product, being also essentials to
maximize the profitability of the works [1].
For building companies, the logical choice to ensure competitive advantage with
the rest of industry requires the use of new productivity tools and work production
control methods. In many manufacturing industries, production processes have
been modified with the implementation of systems that limit the existence of the
failures and reworks along the production flow. These industries are confined to
factories and can implement efficient monitoring systems that define any process
accurately and subsequently monitor their implementation [2, 3].
Defects and rework should not be accepted as inevitable or even as certainties
but considered as a permanent challenge to the management of the works, being
important to use risk assessment techniques there its planning and control [2].
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The “Operational Planning and Control” requirement specified in ISO 9001:
2015 indicates that organizations must plan, implement and manage the processes
necessary for the supply of the product and service provision (Works) to ensure
compliance with customer requirements (Owners) [4, 5].
Control, measurement and monitoring process of the works should provide the
specific actions to address the risks and opportunities and achieve the objectives
specified in their planning [4].
Thus, it is necessary to establish Plans of Control, Measurement and Monitoring
Plans (PCMM), assess risk and define actions for its treatment, and implement the
control of operational processes in accordance with the defined criteria. Plans of
Control, Monitoring and Measurement (PCMM) are required to: i) demonstrate
the technical compliance of the Work; ii) continuously improve operational
effectiveness [2].
2. Risk assessment and plans of control
Risk assessment is an integral part to the various process of the works, aiming at
prevention and its resilience.
To understand the risk assessment is necessary to know the definition adopted
for “risk” in ISO Guide 73 (Risk management – Vocabulary - Guidelines for use in
standards) and ISO 31000 (Risk management - Principles and guidelines). In according
to these standards’ “risk” is defined as the “effect of uncertainty on objectives” [6, 7].
This definition gives the possibility of we considering the risk as a threat or an
opportunity. However, it is not gives clue as to how to quantify the risk. For this
purpose, we must use the definition of the risk as being the combination of the
probability of the occurrence an event (Likelihood or Frequency) and its conse-
quences (Severity), something that is referred to in complementary notes these
standards. The risk assessment compares the results of risk analysis with risk
criteria (frequency and severity criteria) to determine whether the risk is acceptable
or tolerable. It requires the identification and analysis of the events (occurrence or
change of a set of circumstances) and to determine the risk level. The risk level is
a function of its consequence (or Severity) with its likelihood (or Probability) and
measures the magnitude of the risk. The risk valuation criteria are references in
respect of which the significance of the risk is assessed [8].
The events that influence the results of processes under analysis can be identi-
fied and classified between risks and opportunities. The opportunities are directed
to the organization’s strategic planning processes and the risks are analyzed by
quantifying the probability of occurrence and the severity its effects, to determine
its level and the actions of mitigation [4].
Risk assessment may be made at difference degrees of depth and detail, we using
various techniques ranging from simple to complex. We must use the risk criteria
consistent with the scope of the process under analysis, as well as the technique and
the assessment results. Likelihood/Consequence Matrix (LCM) and Failure Mode
and Effects Analysis (FMEA) are two of several techniques of great application in
risk assessment.
Likelihood/Consequence Matriz (LCM) is a technique that combines the prob-
ability of the event under analysis with its effects, to define a qualification of the
level of risk. The form of the matrix and the definitions that apply to it depend on
the context in which it is used. This technique is used to classify risks and their
sources, and to identify your treatments. It can be used in situations where there is
not enough data for a detailed analysis or when the situation does not justify the
time and effort for a more quantitative analysis. It is relatively easy to use, and it
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provides quick ordering of risks at different levels of significance. Adequate scales
of the likelihood and consequences criteria and the definition of risk matrix
are the inputs essential the risk assessment process. The likelihood criteria scale
(Probability) should cover the relevant domain for the case in analysis. The
consequence criteria scale (Severity) should cover the range of different types of
the consequences to be considered, from the maximum plausible consequence to
the smallest plausible consequence to be considered. All scales can have any number
of the levels, the most common being the scales of 3, 4 or 5 levels [7].
To order the risks, the consequence descriptor (Severity) that best suits the
situation is chosen first, then the probability (Probability) of occurrence of these
consequences is then defined. The risk level defined in the LCM may be associated
with a decision rule, such as, for example, treating or not treating the risk.
Failure Mode and Effects Analysis (FMEA) is a technique for analyzing the
reliability of the products, systems or processes. It is used to identify modes in
which components of products, systems or processes may to fail to performance
their functions. There are several FMEA applications: design FMEA which is used
for components and products; system FMEA which is used for systems and process
FMEA which is used for manufacturing processes and procedures and assembly.
FMEA is also used in risk assessment and this requires detailed information on the
phases of the case under study, to permit a significative analysis its failure modes.
To perform a FMEA is fundamental the experience of the evaluators, the knowledge
of the history of the failures and the causes, of the decision criteria and/or accep-
tance of the specific risks, and of the steps of the case under study [9].
Severity, Probability and Detection indices are the inputs for FMEA. Their scales
must be adequate to the consequences and the likelihood of the events that com-
bined define the risk matrix. Additionally, the level of risk combined with the
failure detection index determines the Risk Priority Number (RPN). The scales
these three criteria can have any number of levels, the most common being scales of
3, 5 or 10 levels [7, 8, 10–13].
To order the risks identifies, the consequence descriptor is chosen first, which
best adapts to the situation, then the probability of occurrence of that consequence
is defined. With the third detection descriptor, the Risk Priority Number (RPN) is
defined. RPN is used to prioritize the of risk mitigation actions.
If we accept that all results of the building works processes are subject to
uncertainty, then we can conclude that there is need a risk assessment for each of
these. So, we can find the risk assessment in the reception of materials and the
control of work in progress, in short, in all critical processes of the works, that it can
ensure your technical and regulatory conformity.
According to ISO 9001 standard, production and service provision processes
should be implemented under controlled conditions. This determines that the oper-
ational processes of the works are implemented a controlled mode, before, during
and after its completion, particularly all its critical activities. Among other require-
ments, this condition includes the implementation of monitoring and measurement
activities, in adequate steps, to verify if the criteria of the process or its outputs and
the criteria for acceptance of the product and services were satisfied.
With this aim, it is essential to establish Plans of Control, Measurement and
Monitoring (PCMM), assess the risk and define actions for its treatment, and
implement the control of operational processes in conformity with the defined
criteria. The PCMM is the document that specifies which are the trials and control
inspections, the purposes, the acceptance criteria, the frequency, those responsible
for the monitoring, and the records of the results obtained, in order to retain the
objective evidence to the satisfaction of technical and regulatory requirements of
the Work [2, 14].
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best adapts to the situation, then the probability of occurrence of that consequence
is defined. With the third detection descriptor, the Risk Priority Number (RPN) is
defined. RPN is used to prioritize the of risk mitigation actions.
If we accept that all results of the building works processes are subject to
uncertainty, then we can conclude that there is need a risk assessment for each of
these. So, we can find the risk assessment in the reception of materials and the
control of work in progress, in short, in all critical processes of the works, that it can
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According to ISO 9001 standard, production and service provision processes
should be implemented under controlled conditions. This determines that the oper-
ational processes of the works are implemented a controlled mode, before, during
and after its completion, particularly all its critical activities. Among other require-
ments, this condition includes the implementation of monitoring and measurement
activities, in adequate steps, to verify if the criteria of the process or its outputs and
the criteria for acceptance of the product and services were satisfied.
With this aim, it is essential to establish Plans of Control, Measurement and
Monitoring (PCMM), assess the risk and define actions for its treatment, and
implement the control of operational processes in conformity with the defined
criteria. The PCMM is the document that specifies which are the trials and control
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for the monitoring, and the records of the results obtained, in order to retain the
objective evidence to the satisfaction of technical and regulatory requirements of
the Work [2, 14].
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3. PCCM form with risk assessment
This heading, on context of the building works processes, a methodology is
proposed for elaboration of the PCMM, following the approach of risk-based thinking.
It applies to operational processes considering the most critical work activities.
According to [2] the steps to be followed in the preparation of the PCMM
require the definition of the: critical works activities that need to be controlled;
inspections and tests to be performed in each critical activity; acceptance,
frequency and sampling criteria of the inspections and tests; those responsible for
control, measurement and monitoring; records of the results; risk assessment and
its effects; and corrective and preventive actions to be implemented. Figure 1 shows
the flowchart of the methodology for preparing the PCMM.
3.1 Risk assessment with Likelihood/Consequence Matriz (LCM)
Table 1 shows the template PCMM with LCM which takes the form of a matrix
of the columns and rows whose contents are explained below.
Figure 1.
Flowchart for preparing PCMM [2].
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Structural Integrity and Failure
Using the LCM technique for risk assessment in the preparation of the PCMM,
in according [2] the following guidelines must be used:
Columns (1) of the PCMM is identified the critical activities of the work that will
be monitored. The critical activities are those ensure the technical conformity of the
work with your design.
In the columns (2-3) are used to indicate the kind of the inspections and tests to
be applied in quality control, their purpose and that is to be measured to monitor
critical activity in analysis. The column (4) is used to propose which normative and
regulatory references and criteria for acceptance that are used to analyze the results
obtained in the inspections and in the tests carried out.
At each inspection/test, in the columns (5-7) are indicated their sampling fre-
quency, who is responsible for carrying out the control and which record to use to
compile their results. These items are intended to ensure the systematic control,
measurement and monitoring in each critical activity.
Risk assessment is carried out at each stage of control, measurement and moni-
toring. Thus, for each critical activity is identified the events whose outputs may not
be what expected.
The identification of risk and its effects is done on the columns (8-10) of the
PCMM. For each critical activity and its control, the Risk is identified, its descrip-
tion is made and its effect is characterized. In this way, the event associated with it
will be featured and you can review the respective controls, measurements and
monitoring, especially in cases where it is not possible to act on the causes. This
characterization will allow the reflection on the consequences of the effect, which
will allow to assess its severity using the defined criteria. It is intended to briefly
describe the effect of the risk previously identified in order to better identify the
critical impact on its activity.
Finally, the risk identified in (8), described in (9) and with the effect identified
in (10), it is assessed in columns (11) of the PCMM.
Risk assessment is carried out using two criteria: Probability (P) and Severity
(S). According to [2], the score criteria to be used in the estimation of Probability
(P) and Severity (S) are proposed in Tables 2 and 3.
Then, for each risk or failure mode, its Probability (P) is given it a score. After,
the analysis of the consequences and its effects, the same is done for Severity (S).
The scale of these scores should be assigned based on our experience with the
activity in question.
The Risk Number (RN) classifies the assessed risk. Thus, if the Probability (P)
and Severity (S) scores are multiplied, we obtain the RN in each case. Using Table 4
found in [2], the RN that we can obtain vary between the minimum value 1 and the
maximum value 16.
Therefore, high risk is classified when the NB is higher than 9, medium risk is
classified when the NB is 9 and the low risk is classified when the NB is lesser than 9.
Probability
Category Description Score
High Occurs often. 4
Medium Probably, it has occurred several times. 3
Low Probably, it has already occurred. 2
Remote Probably, but never occurred. 1
Table 2.
Risk probability criteria (P) [2].
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Using the LCM technique for risk assessment in the preparation of the PCMM,
in according [2] the following guidelines must be used:
Columns (1) of the PCMM is identified the critical activities of the work that will
be monitored. The critical activities are those ensure the technical conformity of the
work with your design.
In the columns (2-3) are used to indicate the kind of the inspections and tests to
be applied in quality control, their purpose and that is to be measured to monitor
critical activity in analysis. The column (4) is used to propose which normative and
regulatory references and criteria for acceptance that are used to analyze the results
obtained in the inspections and in the tests carried out.
At each inspection/test, in the columns (5-7) are indicated their sampling fre-
quency, who is responsible for carrying out the control and which record to use to
compile their results. These items are intended to ensure the systematic control,
measurement and monitoring in each critical activity.
Risk assessment is carried out at each stage of control, measurement and moni-
toring. Thus, for each critical activity is identified the events whose outputs may not
be what expected.
The identification of risk and its effects is done on the columns (8-10) of the
PCMM. For each critical activity and its control, the Risk is identified, its descrip-
tion is made and its effect is characterized. In this way, the event associated with it
will be featured and you can review the respective controls, measurements and
monitoring, especially in cases where it is not possible to act on the causes. This
characterization will allow the reflection on the consequences of the effect, which
will allow to assess its severity using the defined criteria. It is intended to briefly
describe the effect of the risk previously identified in order to better identify the
critical impact on its activity.
Finally, the risk identified in (8), described in (9) and with the effect identified
in (10), it is assessed in columns (11) of the PCMM.
Risk assessment is carried out using two criteria: Probability (P) and Severity
(S). According to [2], the score criteria to be used in the estimation of Probability
(P) and Severity (S) are proposed in Tables 2 and 3.
Then, for each risk or failure mode, its Probability (P) is given it a score. After,
the analysis of the consequences and its effects, the same is done for Severity (S).
The scale of these scores should be assigned based on our experience with the
activity in question.
The Risk Number (RN) classifies the assessed risk. Thus, if the Probability (P)
and Severity (S) scores are multiplied, we obtain the RN in each case. Using Table 4
found in [2], the RN that we can obtain vary between the minimum value 1 and the
maximum value 16.
Therefore, high risk is classified when the NB is higher than 9, medium risk is
classified when the NB is 9 and the low risk is classified when the NB is lesser than 9.
Probability
Category Description Score
High Occurs often. 4
Medium Probably, it has occurred several times. 3
Low Probably, it has already occurred. 2
Remote Probably, but never occurred. 1
Table 2.
Risk probability criteria (P) [2].
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With the classification of the RN done, the appreciation of events is began whose
outputs are not the desired. Thus, the undesired outputs will be characterized,
making it possible to make revision the inspections/tests identified and to adopt
another type of control, measurement and monitoring.
In the column (12) the RN high, medium or low is identified and whether
adequately is controlled or not.
However, according to the criteria defined in [2], the risk is adequately con-
trolled (Yes) if the NR is lesser than 9 (for medium or low risks) and uncontrolled
(No) if NR is higher than 9. For the uncontrolled risks (No) are must indicate the
action required to mitigate them.
In the column (13) of the PCMM the actions to mitigate uncontrolled risk are
indicated, making it adequately controlled.
3.2 Risk assessment with failure and effect modes analysis (FMEA)
In Table 5we see the template of a PCMMwith FMEA that takes too the form of
a matrix, constituted by a set of columns and rows containing information relating
to the same items already explained above.
Using the FMEA technique for risk assessment, in the preparation of the PCMM
we can use the following guidelines:
On the PCMM with FMEA form the fields (1) to (10) are the same as those of
PCMM with LCM form. Field (11) is used to assess the risk identified in (8),
described in (9) and with the effects identified in (10). Here, risk assessment
will be carried out according to the three FMEA criteria, described below.
The classification of risk depends on the combination of probability (P), gravity (S)
and detection (D).
Thus, for each risk or failure mode, we must analysis he consequences of their
effects and to estimate its Severity (S). After to analysis its Probability (P) we must
assign a it a score. Then, we must assign the Detection Index (D) to order the
number priority of risk (NPR).
Severity
Category Description Score
High Requires the re-inspection/rework the whole lot 4
Medium Requires the re-inspection/rework part of the lot 3
Low Requires adjustments in inspection/inspection/testing 2
Negligible Does not require specific actions 1
Table 3.
Risk severity criteria (G) [2].
Risk Number Severity (S)
1 2 3 4
Probability (P) 1 1 2 3 4
2 2 4 6 8
3 3 6 9 12
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Structural Integrity and Failure
Therefore, it is necessary to establish the criteria to be used in the estimation of
Probability (P), Severity (S) and Detection (D) values. Table 2 shows the values of
Probability (P), Table 3 shows the values of Severity (S) and Table 6 shows the
values for Detection (D).
For the assignment of the scale of these scores, the experience we have of the
activity under analysis is too important. But we are looking for is the risk priority
order. Thus, if the Probability, Severity and Detection scores are multiplied, we will
obtain the Risk Priority Number (RPN) in each case.
In accordance with Table 4 we can classify High Risk as values higher than 9,
Medium Risk values of 9 and Low Risk values lower than 9. In each class of risk, we
must appreciate the ranking of the priority, namely, which are the most priority
events where the outputs may not be desired.
Fields (12) and (13) on the PCMM with FMEA form are the same too as the
fields explained above (PCMM with LCM). Thus, according to the criteria defined
for the Risk Number, in field (12) we must consider the Risk appropriately con-
trolled if the RN is ≤9 (for Medium or Low Risks), otherwise we should consider it
uncontrolled (N). For the uncontrolled risks. Then, we must then indicate the
action required to mitigate them. In field (13) we should indicate what actions are
necessary to mitigate the most priority uncontrolled Risk, making it adequately
controlled.
4. Application examples
Then, a brief presentation of a PCMM used in a works is made. The objective is
to present two practical examples of the use of PCMMwith risk assessment, the first
under the LCM technique and the second under the FMEA technique, both exam-
ples from the methodology above mentioned.
4.1 PCMM with LCM
This case PCMM were prepared for the critical activities of the building works.
However, Table 7 shows an excerpt of the PCMM with LCM prepared for the
execution of reinforced concrete beams of the building’s structure.
The methodology set out above was followed in preparing of the PCMM with
LCM, and risk assessment was made under Likelihood/Consequence Matrix.
The use of this procedure allows, on the one hand to plan the inspections and
tests to make the critical activities, so as to control, measure and monitor all the
work, on the other hand, it helps mitigate the risk in the events with a negative
impact on the development of work.
It is observed that the planned control for the activity of the “Installation False-
work” has the highest risk number (RN = 9), and it is classified as medium risk.
Detection
Category Description Score
High High difficulty detection 3
Moderate Medium difficulty detection 2
Low Low difficulty detection 1
Table 6.
Risk detection criteria (D).
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Given the set decision rule in the methodology, this risk is controlled and does not
require mitigation action.
It is seen too that the planned control for the activity “Receipt Reinforcement”
has the lowest risks number (RN = 3), and it is classified as low risk. With the set
decision rule defined in the methodology, this risk is also controlled and does not
require any mitigation action.
It is seen that the planned control for the activity of the “Installation Falsework”
has the highest risk number (RN = 9), and it is classified as medium risk. Given the
set decision rule in the methodology, this risk is controlled and does not require
mitigation action.
It is observed that the planned control for the activity “Receipt Reinforcement”
has the lowest risks number (RN = 3), and it is classified as low risk. With the set
decision rule defined in the methodology, this risk is also controlled and does not
require any mitigation action.
4.2 PCMM with FMEA
Keeping the form of the PCMM with LCM shown above, the Table 8 shows the
part of the PCMM with FMEA prepared for the execution of reinforced concrete
beams of the building’s structure.
The methodology set out above was followed in preparing PCMM with FMEA
and risk assessment was made under Failure Mode and Effects Analysis (FMEA).
The use of this procedure also allows, on the one hand to plan the inspections
and tests to make the critical activities, so as to control, measure and monitor all the
work, on the other hand, it helps prevent the risk in the occurrence of monitoring
events with a negative impact on the development of work.
It is seen that the planned control for the activity of the “Installation Falsework”
continues to have the highest risk number and the highest risk priority number
(RPN = 27). Since it is classified as medium risk, according to the set decision rule
defined in the methodology, this risk is controlled and does not require any mitiga-
tion action.
It is observed that the planned control for the activity “Receipt Reinforcement”
has the lowest risk number and the lowest risk priority number (RPN = 3), it being
classified as low risk. With the set decision rule defined in the methodology, this
risk is also controlled and does not require any mitigation action.
5. Conclusion
It was concluded the methodology presented for the preparation of Control,
Measurement and Monitoring Plans (PCMM), can follow the approach on risk-
based thinking and can help to assurance the compliance with technical and regu-
latory of the works. It was concluded too that measurement and monitoring process
can promote the risks and failures assessment and can demonstrate the conformity
of the works and can too improve operational efficiency.
The PCMM with risk assessment helps to identification the need for risk mitiga-
tion actions in the control of the works. Therefore, the use of risk assessment
techniques is important in the planning and control of the works processes.
It was observed that Likelihood/Consequence Matrix (LCM) and Failure Mode
and Effects Analysis (FMEA) are two techniques of the risk assessment applicable
to PCMM, and introducing the probability, consequences and detection indices,
they allow risk classification and priority of their mitigation.
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It also was concluded that the use of the proposed methodology for of the PCMM
can be a solution to prevent defects and reworks, since it allows you to easily
identify which trials and inspections will be implement on the control,
measurement and monitoring critical activities of the works.
If we are used to risk assessment for identify from the sources, events and causes
and its possible consequences, then we can determine the level of risk and its
acceptance or tolerance. Finally, the risk assessment applied to PCMM helps to
indicate which actions are necessary to mitigate uncontrolled risks.
With the examples presented, it was possible to conclude that defects and
rework of the works do not have to be accepted as inevitable or even as certainties
and should be considered as a permanent challenge to the management of work.
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In this chapter, the derivation of analytic formulation of bending deflection has been
done using the theory of classical laminate plate. Themethod ofNavier and Levy
solutions are used in the calculation. The composite laminate plate is exposed to out-off
plane temperatures and combined loading. The temperature gradient of thermal shock is
variedbetween60C∘ and�15C∘. The combined loading are the bendingmoment (Mo) in
the y-direction and in-plane force (Nxx) in the x-direction.The in-plane force (Nxx)has a
great effect on the bending deflection valuewithin a 95:842%ð Þ, but the bending
moment (Mo) has a small effect on the bending deflection value in the rate of 4:101%ð Þ.
The results are compared and verified for central normal deflection.
Keywords: classical plate theory, composite laminate plate, temperature affect,
combined loading
1. Introduction
The effect of temperature and combined loading on composite plate is one of the
primary life limiting factors of a bridge engineering application. This chapter will
consider the structural evaluation of the localized effect in the bridge engineering.
The application of bridge engineering can be found in a structural bridge deck panel.
Ray studied the fiber-matrix debonding by applying the thermal shock of thermal
fatigue, taking into account the conditioning time. He performed a three-point bend-
ing test on glass fiber reinforced with unsaturated polyester and epoxy resin com-
posites in which it exposed to 75 C° of the temperature gradient [1]. Hussein and
Alasadi used a numerical analysis of stress and strain values of angle-ply with four-
layered symmetric laminated plate under the effect of force resultant Nxxð Þ and
bending moment Mxxð Þ graphically. He predicted the material properties of the
multilayered plate of the reinforcement fibers of E-glass and epoxy resin [2]. Yousuf
et al. evaluated the dynamic analysis of normal deflection, taking into consideration
the effect of thermal fatigue beside the effect of bending moment (Mo) and in-plane
force (Nxx). The composite laminate plate of woven roving fiber glass and polyester
were exposed to 75 C° of the temperature gradient. A composite laminate plate with
fiber volume fraction (v f ¼ 25:076 %) was selected [3]. Wang et al. applied the
thermal cycles in the temperature range between (80 C° and �40 C°) on different
plys of glass fiber/epoxy matrix composites. Scanning electron microscopy (SEM)
images showed that after 180 of thermal cycles, the bonding effect of glass fiber and
epoxy matrix became worse, leading to the decrease in mechanical properties [4].
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images showed that after 180 of thermal cycles, the bonding effect of glass fiber and
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Khashaba et al. investigated the mechanical properties of 0½ �8 of woven glass fiber
reinforced polyester (GFRP) composites under monotonic and combined tension/
bending loading [5, 6]. Yousuf reduced the vibration properties of composite material
under the variation of combined temperatures (60 C° to�15 C°) using three types of
boundary conditions. The free vibration test was carried out for (5, 10, 15, 20, 25, and
30) minutes [7]. Moufari proposed several numerical simulations to describe the
interaction between thermal and mechanical stresses. The estimation damage modes
of carbon/epoxy laminate plate has been achieved due to thermal cyclic loading. Zhen
and Xiaohui proposed an analytic model of Reddy-type higher-order plate theory for
simply supported plates based on thermal and mechanical combined loading [8]. In
this work, the analytic derivation of bending deflection has been done by using the
theory of classical laminate plate. Levy and Navier solutions are used to describe the
theory of bending deflection by taking into consideration the use of simply supported
boundary condition from all edges. In our point of view, the analytic derivation of
normal deflection under the effect of temperature and combined loading has not been
studied.
2. Equations of motion in terms of displacements
The stress and strain relationship is varied through the laminate thickness, as











































































































































It can be assumed that all layers have Θ ¼ 0ð Þ, and the same thickness Bij ¼ 0
� �
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3. Formulation of bending deflection distribution using Navier solution
The normal deflection distribution is derived based on the solution of classical
laminate plate theory using Navier equation. Navier solution assumed that the
boundary condition is simply supported from all edges under the effect of temper-
ature ΔTð Þ and in-plane force Nxxð Þ. It can be assumed that the temperature is
varied linearly through the plate thickness, as in below:





ΔT x, y, zð Þ sin αmxð Þ sin βnyð Þdxdy (7)
where.
T1 is the out-off plane uniform temperature when the heat source is applied
through the plate thickness.
Figure 1.
Lamina of arbitrary of principal material direction.
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And,




, n ¼ 1, 2, 3, … ,∞ (8b)
By integrating Eq. (7) with respect to (x) and (y), the temperature distribution
through the plate thickness is:
Tmn zð Þ ¼ 16T1zmnπ2 (9)












sin αmxð Þ sin βnyð Þ (10)
where





Q11α1 þ Q12α2ð ÞTmn zð Þzdz (11a)





Q12α1 þ Q22α2ð ÞTmn zð Þzdz (11b)
The general solution of normal deflection for simply supported boundary






wmn sin αmxð Þ sin βnyð Þ (12)
Substitute Eq. (12) and Eq. (10) into Eq. (6), the solution of bending deflection
is illustrated in the following equation:







sin αmxð Þ sin βnyð Þ












Q12α1 þ Q22α2ð Þ z3kþ1 � z3k
� �
(14b)
4. Formulation of bending deflection distribution using levy solution
The theory of classical laminate plate of Levy solution is used to derive the
solution of normal deflection. The Levy solution assumed that the variation of the
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bending deflection should be along the x-axis. Levy solution can be used on any type
of boundary condition which gives flexibility on any type of loading such as ΔTð Þ,
in-plane force Nxxð Þ, and bending moment (Mo). As mentioned in the previous
section that the temperature is varied linearly through the plate thickness, as below:
Tm zð Þ ¼ 2a
ða
0
ΔT x, zð Þ sin αmxð Þdx (15)
where
αm ¼ mπa ,m ¼ 1, 2, 3, … ,∞ (16)
By integrating Eq. (15) with respect to (x), the temperature distribution through
the plate thickness is:
Tm zð Þ ¼ 4T1zmπ (17)
Ignore the variation of thermal bending moment and normal deflection along























sin αmxð Þ (19)
where





Q11α1ð ÞTm zð Þzdz (20)
The solution of normal bending deflection is as below:
wo x, yð Þ ¼ wo x, yð ÞH þ wo xð ÞP (21)
To find wo xð ÞP:
wo x, tð Þp ¼
X∞
m¼1
wm sin αmxð Þ (22)
Substitute Eq. (19) and Eq. (22) into Eq. (18) to obtain the particular solution of
bending deflection along x-axis, wo xð ÞP:
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The solution of Eq. (25) is as below:
wo x, yð ÞH ¼
X∞
m¼1
Ym sin αmxð Þ (26)
Substitute Eq. (26) into Eq. (25), to obtain the homogeneous solution of Eq. (25)
along x- and y-directions:
wo x, yð ÞH ¼
X∞
m¼1
N1 cosh αyð Þ þN2 sinh αyð Þ þN3 cos βyð Þ þN4 sin βyð Þ½ �
sin αmxð Þ
(27)
Substitute Eq. (27) and Eq. (23) into Eq. (21) to obtain the general solution of
normal bending deflection, as indicated below:
wo x, yð Þ ¼
X∞
m¼1
N1 cosh αyð Þ þN2 sinh αyð Þ þN3 cos βyð Þ þN4 sin βyð Þ½ �
sin αmxð Þ þ 4T1A13π
X∞
m¼1




The simply supported boundary conditions from all edges are assumed and the
constants N1,N2,N3, and N4ð Þ are as below:
N1 ¼ � β
2H
α2 þ β2� ��
4Mo
α2 þ β2� �mπD22
(29)
N2 ¼ cosh αbð Þβ
2H
α2 þ β2� � sinh αbð Þ þ
4 cosh αbð ÞMo











α2 þ β2� � sinh αbð ÞD22
(30)
N3 ¼ � α
2H
α2 þ β2� �þ
4Mo
α2 þ β2� �mπD22
(31)
N4 ¼ cos βbð Þα
2H
α2 þ β2� � sin βbð Þ �
4 cos βbð ÞMo










α2 þ β2� � sin βbð ÞD22
(32)
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5. Numerical simulation procedure
In this chapter, the finite element discretization is carried out by using ANSYS
Ver. 18.2. (SHELL 132) element is used to mesh the composite laminate plate.
SHELL 132 is defined by eight nodes having six degrees of freedom at each node to
calculate the central normal deflection. In the simulation analysis, the central point
of laminate plate is used to calculate the normal deflection. Always the convergence
test is needed to determine the size of elements in which the value of normal
bending deflection settles down. Finite element analysis of convergence curve
defines the relationship between the grid interval and the analysis accuracy. Four
types of combined loading is used such as: (temperature affect only ΔTð Þ),
(temperature affect ΔTð Þ + Mo), (temperature affect ΔTð Þ + Nxx), and (tempera-
ture affect ΔTð Þ + Mo + Nxx). Multiple values of fiber volume fraction is used such
as (25, 40, 50, 60, 70, and 80)%. Table 1 shows the mechanical and thermal
properties of the simulated materials.
6. Results and discussions
Figures 2 and 3 show the verification test of normal bending deflection using
Levy and Navier solutions, taking into consideration ANSYS 18.2 results. The nor-
mal bending deflection decreased with the increasing of plate aspect ratio because
of the increasing in plate bending stiffness under the temperature effect 60C∘ð Þ and
�15C∘ð Þ for fiber volume fraction (25:076%). The bending deflection value when
ν f 25.07% 40% 50% 60% 70% 80%
Ecx GPa:ð Þ 19.933 30.4038 37.41988 44.435 51.452 58.468
Ecy GPa:ð Þ 19.933 30.4038 37.41988 44.435 51.452 58.468
Ecz GPa:ð Þ 3.0896 3.81746 4.53322 5.5793 7.25302 10.3612
ν12 0.3835 0.35098 0.32915 0.30732 0.2855 0.26366
G12 GPa:ð Þ 1.07675 1.33379 1.5878 1.9614 2.5648 3.70468
ρc kg=m3ð Þ 1464.18 1686.48 1835.4 1984.32 2133.24 2282.16
αcx 1=C
∘ð Þ 25.746 E-6 21.6044 E-6 18.5098 E-6 15.3005 E-6 12.0234 E-6 8.70307 E-6
αcy 1=C
∘ð Þ 25.746 E-6 21.6044 E-6 18.5098 E-6 15.3005 E-6 12.0234 E-6 8.70307 E-6
αcz 1=C
∘ð Þ 10.5844 E-6 7.932 E-6 6.9852 E-6 6.3374 E-6 5.8663 E-6 5.5082 E-6
kcx W=mC
∘ð Þ 0.4533 0.622 0.735 0.848 0.961 1.074
kcy W=mC
∘ð Þ 0.4533 0.622 0.735 0.848 0.961 1.074
kcz W=mC
∘ð Þ 0.2174 0.2626 0.30068 0.3553 0.43418 0.55808
Ccp J=kgC
∘ð Þ 768.139 780.8944 787.7133 793.5087 798.495 802.8304
Table 1.
Mechanical and thermal properties of the simulated materials.
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Figure 3.
Normal bending deflection varying with laminate plate aspect ratio under temperature effect �15C∘ð Þ.
Figure 4.
Convergence test of normal deflection and total degrees of freedom under the effect of temperature ΔTð Þ, bending
moment Moð Þ, and in-plane force Nxxð Þ.
Figure 2.
Normal bending deflection varying with laminate plate aspect ratio under temperature effect 60C∘ð Þ.
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T ¼ 60C∘ð Þ is higher than the value of bending deflection when T ¼ �15C∘ð Þ
because of the expansion and contraction through the plate laminate thickness.
Figure 4 shows the convergence test of normal bending deflection with total
degrees of freedom for different fiber volume fractions using ANSYS software. The
normal central deflection decrease with the increasing of fiber volume fraction under
the effect of temperature ΔTð Þ, bending moment Moð Þ, and in-plane force Nxxð Þ.
Table 2 shows the analytic and simulation verification results of bending
deflection under combined loadings for fiber volume fraction υ f ¼ 25:076% and
plate aspect ratio (1.8). The value of central deflection of the system with combined
loading (ΔT) is higher than the others of combined loading. The deflection of
system with combined loading (ΔT + Mo + Nxx) and the system with loading
(ΔT + Nxx) is almost the same and in the opposite direction because bending
moment has a small effect.
7. Conclusions
As mentioned in Introduction section, Levy and Navier solutions are used to
describe the theory of bending deflection by taking into consideration the use of
simply supported boundary condition from all edges. ANSYS software is used in the
convergence test. The bending deflection value when T ¼ 60C∘ð Þ is higher than the
value of bending deflection when T ¼ �15C∘ð Þ because of the expansion and con-
traction through the plate laminate thickness. The in-plane force (Nxx) has a great
effect on the bending deflection value of composite laminate plate, but the bending
moment (Mo) has a small effect on the bending deflection value. The normal
deflection is decreased with the increasing of fiber volume fraction from 25:07% to
80% under the effect of ΔTð Þ and combined loading Moð Þ + Nxxð Þ. Moreover, the
normal bending deflection is decreased with the increasing of aspect ratio from 0.8
to 2.4 under the effect of T ¼ 60C∘ð Þ and T ¼ �15C∘ð Þ, respectively.
Nomenclature
α1, α2 thermal expansion coefficient in longitudinal and lateral
directions, 1/C∘.
ΔT gradient uniform temperature, C∘.
A1, A2 bending moment due to temperature, N.m/C∘.
Mxx, Myy, and Mxy bending and twist moments, N.m.
Qij reduced stiffness elements, N=m2.
w0 midplane deflection along z-direction.
zk, zkþ1 upper and lower lamina surface coordinates along
z-direction, m.
Deflection Levy method results ANSYS 18.2 results Percentage error (%)
ΔTð Þ 0.1853e-3 0.1880e-3 1.748
ΔTð Þ+ Moð Þ �0.1777e-3 �0.1882e-3 5.536
ΔTð Þ+ Nxxð Þ 0.7704e-5 0.7108 e-5 7.736
ΔTð Þ+ Moð Þ+ Nxxð Þ �0.9859e-5 �0.9365e-5 5.010
Table 2.
Analytic and simulation verification of bending deflection under combined loading.
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a, b length of large and small spans of rectangular plate (m).
m, n double trigonometric of Furrier series.
N total number of layers.
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Temporary Works in Construction 
of Bridges Near Third Party Assets
Ganga Kasi V. Prakhya
Abstract
This paper gives a summary of the temporary works and methods applied to 
enable the construction of bridges near third party assets. The temporary structures 
have a significant impact on the cost, construction method and construction safety 
of the supported permanent structures. In the literature, there are many examples 
of how the temporary works could fail catastrophically and could endanger public 
life if hazard identification, risk assessment and quality checks are not carried out 
by competent people or organisations. A brief literature survey of the construction 
techniques is outlined here. This paper looks at more recent failures and draws 
some more lessons with a re-emphasis on the use of industry established processes, 
guidelines for preventing catastrophic events. The paper also describes case his-
tories, where mitigation measures are implemented in order to ensure safety by 
means of independent checks, monitoring and back analysis.
Keywords: temporary works, monitoring, safety in construction, method 
statements, risk assessment, back analysis
1. Introduction
Most forms of bridge construction, whether preassembled or cast in-situ will 
require temporary works on site. These may include, depending on the type of 
bridge, temporary supports for precast girders or beams, box structures, and 
temporary staging for cast in-situ construction of the deck, and may also involve 
specialist operations for complex forms of bridge, e.g., post-tensioning. Many 
projects focus on optimising the concrete volumes and steel tonnage but a very few 
focus on how best to integrate temporary works and buildability concepts into the 
permanent design at the early stages.
Temporary works (TW) are the parts of a construction project that are needed to 
enable the permanent works to be built. Usually the TW are removed after use—e.g. 
access scaffolds, props, shoring, excavation support, falsework, and formwork, etc.  
It may be possible that sometimes the TW an integral part of the permanent works—
e.g. props for excavation can be used as part of permanent steelworks, haul road 
foundations and crane or piling platforms may be used for hard standing or road 
foundations. In view of safety, it is very important that the same degree of care and 
attention is given to the design and construction of temporary works (TW) as to the 
design and construction of the permanent works. As TW may be in place for only a 
short during the construction phase of the project, there is a tendency to assume they 
are less important. Lack of care with design, selection, assembly, etc. leaves TW liable 
to fail or collapse [1]. This places people at risk of injury and can cause the project to be 
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delayed. Therefore it is important to ensure that the methods, materials, and sequence 
of construction is thought through with the construction team during early stages and 
that the risks to the structure as well as the third-party asset owners are resolved.
Where bridges form features of modern infrastructure in densely populated 
cities and urban areas, the designers will be challenged with site logistics, narrow 
and busy streets, and third party assets such as railways, underground tunnels, 
and buried services and it is extremely important in these cases to be more diligent 
about designing for safety of the temporary works. While the principles can be 
applied to all bridges, this paper does not cover large suspension bridges on water.
2. Background and UK scenario
Although there were bridge failures in 1950s in USA, Canada and other parts 
of the world, much of the development in temporary works design in UK was 
improved when Barton Bridge, Lodden Bridge [2–4] in 1960s and 1970s collapsed 
during construction and the government was moved to determine whether the 
industry was in a fit state to manage falsework. Following these major failures in the 
UK, Professor Stephen Bragg report [4], helped to set the standard for temporary 
works design and management in the UK. Major failures of UK temporary works 
have almost disappeared since BS 5975 [5] was published in 1982, following the 
Bragg report in 1975 into recent falsework disasters in which many lost their lives. 
In the UK, the design of temporary support trestles would normally comply with 
the requirements of BS 5975 [6] unless the use of Eurocode 12811 [6] and EN 12812 
[7], is stipulated as a contractual requirement. More recently, a Temporary Works 
forum (TWf) was formed in 2009 [8] in the UK as an independent, non-profit 
company that operates on a limited cost base. Useful guidance and toolkit and guid-
ance documents are produced by TWf that address the issues of temporary works 
and applicability of Eurocodes for safer construction in the UK [9]. The general 
principles of these tool kits generated by the TWf are applicable worldwide.
More recently, the Institutions of Civil Engineers and Institution of Structural 
Engineers (UK) formed an independent body called SCOSS/CROSS [10] Structural 
Safety Body in 2005. This Structural-Safety Body is a body devoted to evaluating, 
and anticipating where possible, trends in the construction industry and issuing 
warnings where necessary. A confidential (anonymous) reporting system called 
‘CROSS [10]’ broadcasts events which it believes should be more widely known.
While UK standards are developed to a fuller extent to eliminate the catastrophic 
events in temporary work through the introduction codes, guidance documents 
[11, 12] we still see that failures occur for various reasons. A publication in ICE 
Forensic Engineering summarised failures in bridges until 2012 [13] and more than 
60 major catastrophic failures across the world have been reported since 2012 to 
date [14] including the most recent failure in Florida. A few more recent failures 
are reviewed from the literature survey in this paper to highlight the importance of 
temporary works.
This paper describes briefly the existing construction techniques of bridges, and 
reviews more recent failures. There are many types of bridges and but this paper 
summarises a brief literature survey of current construction methods for precast, 
prefabricated, and cast-in-situ bridges.
This paper summarises typical scenarios in urban and rural environments and 
considers a few case histories with a view on how to safely manage the risks associ-
ated with the construction of bridges in an urban environment. Most forms of 
bridge construction, whether preassembled or cast-in-situ will require temporary 
works on site. These may include, depending on the type of bridge, temporary 
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supports for precast girders or beams, box structures, and temporary staging for 
cast-in-situ construction of the deck, and may also involve specialist operations for 
complex forms of bridge, e.g. post-tensioning. Many projects focus on optimising 
the concrete volumes and steel tonnage but a very few focus on how best to inte-
grate temporary works and buildability concepts into the permanent design at the 
early stages.
3. Bridge construction techniques: a brief survey
3.1 Precast bridges
Precast concrete members in bridge systems are appealing because they lend 
themselves well to incorporating Accelerated Bridge Construction (ABC) methods. 
In some cases, ABC also includes integral column and cap beam systems for bridges 
utilising precast concrete girders which have several advantages over structures 
consisting of steel girders or cast-in-place concrete alternatives as shown in 
Figure 1 [15, 16].
For single-span bridge decks, temporary support is normally undertaken 
directly from the abutment bearing shelf or equivalent and this is relatively 
straightforward. Beams to multi-span bridge decks may require a more complex 
temporary support system. If the beams are designed in short lengths until they 
stitched, they will require a temporary support. A common solution is to provide a 
temporary trestle support either on a temporary foundation or on the permanent 
foundation of the piers. Beams are landed on the trestle that supports the bridge 
deck structure until such time that it becomes self-supporting. These trestles can 
cost significant sums and involve extensive working at height.
Given the consequences of failure and the difficulty of correcting issues that 
manifest themselves following landing of bridge beams, a robust temporary support 
structure is a necessity. Factors of safety (as per permissible stress design, e.g. BS 
5975) and design factors (as per limit state design, e.g. Eurocodes [17, 18]) can be 
used amended by the designer to reflect the above. Safety can also be enhanced by 
building redundancy into the structure. Unless reasonable calculations are made of 
the specifics, there should be reasonable margins in the design for uneven distribu-
tion of load, accidental load and out-of-tolerance assembly.
Figure 1. 
Precast girders with GRP deck panels for in situ deck.
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Precast girders with GRP deck panels for in situ deck.
Structural Integrity and Failure
92
In the case of steel structures, and launching steel bridge girders, we may need 
temporary trestles on temporary foundations. These trestles will require careful 
consideration due to the launching operations as their stability under dynamic 
conditions is of utmost importance.
The trestles are generally designed for dead loads, live loads, moving dynamic 
loads, notional horizontal loads, secondary forces from mis-alignment and will in 
some cases have impact loads if they are near a live highway.
3.2 Segmental
Segmental construction is one of the most important developments in con-
struction in the last century and is a very well proven method for delivering 
durable, long span, and repetitive structures that are both cost-effective and 
visually appealing.
Segmental concrete construction can be executed in two ways: using precast 
elements or through cast-in-place construction.
The advantages offered by precast elements are mainly related to fabrication, 
conducted in a plant that produces more consistency in quality products and where 
segments can be fabricated in parallel with early field construction activities, thus 
improving scheduling. The main challenges involved with precast segmental con-
struction lie in the logistics and the setup process between the casting yard and the 
construction site. This includes a large temporary work system involving specialist 
materials and jacks, and large movable gantry parts.
Alternatively, cast-in-place construction requires that a substructure be com-
pleted prior to fabrication of the superstructure. Cast-in-place segmental construc-
tion is used when precast segments are too heavy to be shipped or access to the site 
is too restrictive, which can occur as spans get longer or bridges get wider.
Construction time is a key factor for projects in urban areas which require lane 
closures, detours, and traffic interruptions to be minimised. Precast concrete seg-
ments are often optimal as they can be built and stored until needed for erection, 
thus reducing the on-site time of large equipment and construction activities, thus 
increasing the pace of construction. Figure 2 shows a multi span bridge over a busy 
highway built using precast and GRP panels for deck.
The choice between precast or cast-in-place primarily depends upon project 
size, construction schedule, weight of segments, and site access.
Figure 2. 
Precast beams and cats in situ deck with GRP panels for formwork over existing highway–4 span bridge.
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3.3 Balanced cantilever construction
The balanced cantilever construction method is used when several spans rang-
ing from 50 to 250 m exist. Bridges using this method can be either precast or cast-
in-place. Once the piers are built, they are used as an erection platform for precast 
segments, or to support a form traveller for cast-in-place segments.
This method can also be easily adapted to irregular and long span lengths, 
congested project sites, rough and water terrain, rail crossings, and environmentally 
sensitive areas.
The cantilever method is the preferred method for building cable-stayed 
bridges. Once segments are installed, they are supported by new cable-stays in each 
erection stage. Since no auxiliary supports are required, it is both an economical and 
practical solution for long cable-stayed bridges.
As can be seen from the above, all of the techniques will require sophisticated 
forms of temporary works to enable safe construction. Despite much regulation and 
improvement in methods/processes in temporary works design, we are still, unfor-
tunately, experiencing catastrophic accidents in bridges (examples include Barton 
bridge in Manchester in 2016 failure of lifting systems revealed and a 2019 failure in 
Norway failure of bolts). The failures of temporary works can be grouped into the 
following main areas;
• Scaffold collapse
• Failure of the lifting equipment, or temporary bearings
• Insufficient design capacity of a cantilevered arm of the cantilevered 
construction
• Girder and connection failures
• Design and detailing errors
• Incorrect construction sequence
• Negligence and construction errors
If the temporary structures are located close to third party assets, there are 
further risks that are very expensive to correct there are explained in the following 
section. The paper covers bridges on land and in populated areas and will not cover 
large suspension bridges on water.
4. Hazards from and to third party assets
At bridge construction sites in the urban environment, it is not uncommon to 
come across: party walls, railways, existing grade listed buildings, existing under-
ground utilities and live highways and riverways. The bridge design and con-
struction will have to address how these asset owners can be protected including 
the safety of public road and railway users where applicable. The requirements 
of the asset owners may vary but the fundamental aspect of the construction 
logistics is to ensure that all assets and owners are protected and public safety 
is ensured. As per the CDM regulations in UK [18], the design and construction 
should also address life cycle management and also demolition at the end of 
design life [19].
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4.1 Electricity cables and overhead lines
Injuries are usually caused by the explosive effects of arcing current, and by any 
associated fire or flames that may result, when a live cable is penetrated by a sharp 
object such as the point of a tool. Such effects can also occur when a cable is crushed 
severely enough to cause internal contact between the conductors. Injuries are typi-
cally severe, potentially fatal, burns to the hands, face and body. There is also a risk 
of electric shock.
Inadvertent contact or being in close proximity to overhead electricity lines with 
equipment such as scaffold tubes, irrigation pipes, metal ladders or vehicles, such 
as cranes, poses a risk of electric shock. Direct contact with overhead lines is not 
necessary as electrical current can arc or flashover any gap between the overhead 
lines and the object. It is therefore important to ensure sufficient clearances for 
overhead lines are maintained and plant/surcharge loading is restricted from trestle 
foundations.
4.2 Gas pipes
Damage to underground gas pipes can cause leaks that immediate or time related 
that may lead to fire or explosion. The ground pressure from trestles or crane mats 
or outrigger could pose a risk to the stability of the gas pipes and therefore a risk 
assessment is required from the surcharge loading.
4.3 Water pipes, sewers and drains
Although damage to water pipes is less likely to result in injury, the following 
may occur;
• A jet of water from a main can injure a person.
• Leaks of water from underground pipes can affect adjacent services and reduce 
support for other structures.
• Damage to, or removal of thrust blocks can result in sudden loss of contain-
ment and the movement of pipe fittings that may travel some distance or 
cause impact damage. While some sewage is pumped at pressure, sewers are 
generally gravity-fed, and the main hazards from damage to a sewer are the 
possibilities of contamination and subsidence.
The type of materials for these water/sewage pipes, will include brick, cast 
iron, ductile iron, clay or concrete. Some asset owners, will give limitations on the 
surcharge loading and acceptance criterion for ground settlements or strain, an 
example of which is shown below from Thames water UK [20]. Current regulations 
in UK will require a risk assessment before placing any temporary foundations or 
surcharge on these assets (Tables 1 and 2).
4.4 Telecommunications cables, broadband and fibre optics
Damage to telecommunication and TV cables may require expensive repairs and 
can cause considerable disruption to those relying on the system, especially emer-
gency or essential services. The risks of direct personal injury are normally low, but 
claims for consequential losses may be substantial.
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It is important to ensure that surcharge loading from temporary foundation on 
buried cables is limited.
In addition to the above utility services, the presence of other pipes and cables 
should be anticipated. These include fuel oil pipes at States housing developments 
and private/security electricity and telecommunications cables. Risk assessment 
will be required on a case by case basis to suit to owners’ requirement.
4.5 Underground or above ground railway or cable tunnels
Any movement of tunnels if they are underground or above ground (cut and 
cover) is very critical for the performance and therefore the asset owners will have 
very stringent requirements for the movement temporary works plant around these 
structures. Generally clearances need to be maintained between the plant and the 
assets and this will vary depending on the depth of the asset below the ground. No 
plant can operate within these zones while constructing the bridges. An example of 
the Cross Rail exclusion zone in London [20] is shown in Figure 3.
Table 1. 
Assessment criteria for existing Thames Water pipeline and sewer assets (reproduced from Ref. [20]).
Table 2. 
Maximum rotation for vitrified clay and concrete pipes.
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4.1 Electricity cables and overhead lines
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possibilities of contamination and subsidence.
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iron, ductile iron, clay or concrete. Some asset owners, will give limitations on the 
surcharge loading and acceptance criterion for ground settlements or strain, an 
example of which is shown below from Thames water UK [20]. Current regulations 
in UK will require a risk assessment before placing any temporary foundations or 
surcharge on these assets (Tables 1 and 2).
4.4 Telecommunications cables, broadband and fibre optics
Damage to telecommunication and TV cables may require expensive repairs and 
can cause considerable disruption to those relying on the system, especially emer-
gency or essential services. The risks of direct personal injury are normally low, but 
claims for consequential losses may be substantial.
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4.6 Party walls or other grade listed buildings
These include third party buildings, existing walls of private owners, and grade 
listed buildings. Generally, if the temporary works for bridge construction works 
are carried out by the contractor near these assets, he will have to ensure that the 
damage to either Partywalls or nearby listed grade buildings is minimal. In UK, 
there are party wall agreements on movements and crackwidths as per Boscardin 
guidelines [22].
In order to manage the risks from bridge construction operations, it is neces-
sary to prepare a carefully coordinated construction method statement with all the 
supply chain involved and which includes the sequence, hazard identification, and 
a risk assessment. A management procedure is required to manage the residual risks 
on site and contingency measures to mitigate or control the risks.
5.  Dealing with hazards: construction method statements, and risk 
assessments
Catastrophic events in construction are real issues which require proper consid-
eration by all stakeholders, led by directors and senior staff.
These potentially catastrophic events are sometimes referred to as ‘Top Events’. It 
is appreciated that they can have a disastrous impact on a company’s reputation and 
well-being and upon society. The process of examining the risk of a catastrophic 
event requires that a ‘safety case’ is prepared, based upon a safety risk assessment.
Figure 3. 
Exclusion zone limits for crossrail underground lines (figure reproduced from Ref. [21]).
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CIRIA and HSE UK reports [23, 24] have looked at the risks of ‘Catastrophic 
Events’ in the UK construction industry and summarised its findings in the report. 
This report identified the types of events, reason for occurrence, and control 
measures and included:
• The types of catastrophic event which have occurred or which might occur 
during construction
• The reasons for occurrence when there have been (or could have been) 
catastrophic events during construction, including an examination of the 
underlying factors
• The controls which would contribute to an avoidance of a catastrophic event
• Where the UK construction industry could improve
It was clear that there have been Catastrophic Events with major consequences. 
Their importance was recognised by the industry, although it is considered that 
in their day-to-day work few people realised the severity of what might happen if 
things went seriously wrong.
The key issues proposed in this reports are as follows:
• Issue 1: The industry should recognise that catastrophic events need further 
attention
• Issue 2: Corporate risk management systems should be improved
• Issue 3: Knowledge, skills and experience of safety risk management should be 
raised
• Issue 4: Communication and interface management should be improved
• Issue 5: Competence is key
• Issue 6: Effective management of temporary works is crucial to success
• Issue 7: Independent reviews should be employed
• Issue 8: The industry should learn from experience.
Method statements and drawings need to fully detail all aspects of the works. All 
safety critical items and hold points/permits to load should be identified.
• Low likelihood/high severity items are to be given careful consideration with 
appropriate monitoring at all levels.
• More invasive questioning and understanding of sub-contractor’s Method 
Statements and Risk Assessments
5.1 Risk assessments
The terms used in risk assessment vary considerably in the literature. In this 
report, a harm is defined as an adverse effect on a person. It might be, for example, 
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a serious illness or injury, but effects on well-being are also taken into account. A 
hazard is a potential cause of harm to a person, for example a faulty staircase. A haz-
ardous situation exists when a person is exposed to a hazard, for example by using a 
faulty staircase. The risk associated with a hazard is a function of (a) the likelihood 
of the hazard causing harm and (b) the severity of the harms or their consequences.
Safe systems of work shall comprise:
• Assess the risks.
• Plan the work - obtain all information relating to the work carried out.
• Check that the plans are accurate.
• Carry out the work in a safe manner.
• At all stages THINK and REVIEW.
The assessment of risk should be considered at all stages of the work, from 
planning through to final reinstatement. This may be accomplished by the use of 
formal risk assessments coupled, where necessary, with a work permit system. Risk 
assessment should include all related work activities and identify training and com-
petency needs as well as the level of supervision required for the risks involved [10].
6. Need for construction: pre trials, tests and other monitoring
Sometimes, it is necessary to carry out trials on site before the bridge structure 
construction begins. This may take include some mock structures to be built on 
site to validate all the assumptions in the design. The purpose is to ensure that the 
sequence of construction can be carried out safely. Examples include test loading 
on the trestles or surcharge loading, and monitoring of displacements etc. and 
mock assembly in case of structural steel joints. Eurocodes can be implemented to 
optimise the temporary works design if suitable testing is carried out.
In the following section, we give more recent literature survey of failures in the 
temporary works that involved public and third party asset owners and give addi-
tional examples of how we have managed the risks (as explained in Sections 3 and 4)  
during the construction for the projects in which Sir Robert McAlpine and their 
joint partners were involved. Our recent project also demonstrate how we have used 
trials on site for back analysis and how monitoring was carried out to improve the 
confidence in predictions and stakeholder assurances.
7. Survey of lessons learnt from recent failures
7.1 Barton Bridge, Eccles, Feb 1959 & 2016
In the UK the First Barton bridge collapsed in 1959 whilst erecting 4 No, 
200 ton steel girders, 80 ft. above the ground [3, 14]. The supporting scaffolding 
collapsed bringing down the girders and killing 4 men. Sixty men, that would 
normally have been on the girders, were lining up for their pay at the time. 
Ironically after 57 years, at the same location in 2016, temporary lifting system 
failed collapsing a major chunk of the new bridge span across the river as shown in 
Figure 4a and b.
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7.2 GE 19 bridge on East London Line
GE19 is an 84 m long, single span Warren truss girder bridge on a 3.3% gradi-
ent from East to West with a bridge weighed 1300 tonnes post launch and had an 
In-situ deck on ‘Omnia’ permanent formwork [25]. Minimum clearance of 650 mm 
to overhead lines. It was found that the bridge had moved longitudinally 38 mm out 
of position post launch. This necessitated corrective plan jacking that had not been 
envisaged during pre-planning. At approximately 19:15 hours on 28th May 2008, an 
hour after work had stopped, the site security guard heard three loud bangs. The 
Bridge deck had dropped by approx. 200 mm resulting in damage to scaffolding and 
bearings. Five planks fell onto the live rail below the bridge, ponded water onto the 
overhead lines and track and the track had to be closed. There were no injuries to 
any members of the public or employees. PTFE material had been placed on a slope, 
Figure 4. 
(a) Barton bridge scaffold collapse (1959) and (b) lifting failure of a modern bridge (2016) (figures 
reproduced from Refs. [3, 14]).
Figure 5. 
Temporary bearing.
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Figure 7. 
Colombian bridge failure (reproduced from Ref. [26]).
the vertical load of the bridge generated a horizontal force component. The pres-
ence of a second slip plane allowed the wedge of packing between the PTFE surface 
and bearing surface to be ejected as in Figure 5. A similar incident did not occur at 
the West abutment because the permanent bearings were of a fixed type and hence 
did not fail (see Figure 6).
7.3 Motorway bridge temporary works collapse Colombian Bridge
In March 2019 the temporary works of a motorway bridge near Ancona, Italy, 
shown in Figure 7 [26] failed with the immediate collapse of the bridge deck onto 
cars passing below sadly killing two members of the public [14, 26]. The motorway 
was subsequently closed. An example of both the human and financial consequences 
of errors in construction. A design error was blamed for the collapse of the bridge.
7.4 Grayston Drive collapse (Johannesburg)
Two people were killed and 19 injured when the formwork supporting the 
under-construction bridge collapsed unexpectedly in 2016 shown in Figure 8 [27]. 
The initial inquiry showed that some of the site inspection registers for the period 
just before the collapse were not available [27].
Figure 6. 
Bridge launch over railway (reproduced from Ref. [25]).
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7.5 Norway Bridge Collapse 2018
A Hydrogen embrittlement crack has been identified as causing the failure of 
one of the cable anchor bolts of the Norway Halogaland Bridge shortly after instal-
lation shown in Figure 9 [28]. The initial enquiry showed that that the root cause of 
the cracking is the hydrogen exposure of the bolts. It is not known if the bolts were 
exposed to Hydrogen during manufacturing, transportation or at the site.
7.6 Injaka Bridge, South Africa 1998
Incorrect positioning of temporary bearings during incremental launching was 
identified as the primary cause of the fatal 1998 Injaka Bridge collapse in South 
Africa [29].
Inexperienced design and construction staff, poor construction quality control 
and a failure to react to a ‘clear warning that all was not well’ with the structure, 
led to the disaster. At 300 m long, 14 m wide and up to 37 m above the river 
bed, Injaka Bridge was a major structure and the consultant and contractor had 
extensive experience with such incrementally launched post-tensioned structures. 
The collapse occurred after the contractor had slid out five of the 20, 15 m long 
sections of the 3 m deep box section deck. The sixth segment was being jacked as 
the structure collapsed. At that point the concrete deck extended 24.4 m beyond 
pier 2 with the leading edge of the 27 m long launching nose projecting 7.1 m 
beyond pier 3.
Figure 8. 
Collapse of temporary supports 2018 (figure reproduced from Ref. [27]).
Figure 9. 
Hydrogen cracking in bolts (figure reproduced from Ref. [28]).
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The primary cause of the collapse was found to have been the positioning of 
temporary bearings on which the deck structure slid out during construction as 
shown in Figure 10.
Figure 11. 
Florida Bridge collapse, 2019 (reproduced from Ref. [25]).
Figure 12. 
Node 11 failure (reproduced from Ref. [30]).
Figure 10. 
Failure of a multi span bridge (figure reproduced from Ref. [29]).
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7.7 Florida Bridge collapse 2019
The initial investigation showed that where the tow truss members meet, at joint 
11, there was overestimation of the capacity and under estimation of the loads as 
shown in Figures 11 and 12 [25, 30, 31].
8. Case studies of mitigation
Examples of case studies from our recent project experience published by the 
author in various reports (internal and external) are outlined below. These case 
studies show how the temporary works design should address the stake holder’s 
expectations in managing risks. Five case histories discussed here show the impor-
tance of design, checking, and monitoring and back analysis.
8.1 Case Study 1: Arsenal bridges, London, UK
An example of assets affected by the bridge launch—temporary trestle founda-
tions next to network rail assets, and piling plant and movement of construction 
plant on the sensitive underground railway tunnels (Figure 13).
Assessments were carried out to ensure that the settlements, and movements and 
surcharge loadings were managed. Monitoring was carried out to gain confidence in 
the predictions and to ensure that mitigation measures can be placed (Figure 14).
8.2 Case Study 2: Gogarburn Bridge, Scotland
The road bridge is on the new spur off the A8 into the new headquarters for 
the Royal Bank of Scotland. The bridge deck was being erected on temporary 
trestles, located on either side of the road and in the central reservation. The box 
girders will be lifted into place in half span sections, each weighing approximately 
73 T. Secondary beams span between the box girders to support the deck. The 
deck was cast on ‘omnia plank’ permanent formwork. The sequence is depicted 
in Figure 15 and the temporary trestles that required design for impact loads are 
shown in Figure 16.
Figure 13. 
Bridge launch.
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Figure 15. 
Erection sequence of the bridge, trestle.
The arch was being erected in three sections. Each of the two outer pieces 
was supported by the bearing plate at one end and a trestle on top of the deck at 
the other.
Finally the centre section was dropped in to complete the arch. The arch was 
welded together, 25 m above the road. Ten tension rods support the bridge in 
the centre.
Figure 14. 
General arrangement plan and section showing trestles, UG services, tunnels, and network rail.
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8.3  Case Study 3: Motorway M74, UK, Bridge Launch from the temporary 
trestles
As a part of the M74 completion project in Glasgow, Sir Robert McAlpine 
Design group, working closely with the site based Joint Venture, has been responsi-
ble for many elements of design and checking for the West section of the work [31]. 
Included in the West section is a 1350 m length of an elevated structure formed 
of trapezoidal steel girders with in-situ concrete deck and parapets. This section 
passes over three sections of the overground line which are a part of Network Rails 
assets; the Paisley Line, the Cook Street Link, and the West Coast Mainline. Parts 
are also close to a section of the Strathclyde Passenger Transport (SPT) under-
ground line.
With the exception of the West Coast Mainline section, the steel sections were 
lifted in place using mobile cranes. These sections were supported on temporary 
trestles whilst they were welded. The section of superstructure spanning over a 
65 m wide cutting containing the West Coast mainline was installed by launching 
the bridge as shown in Figure 17a. A 235 m long, 4200 tonne section was formed 
to the West of the cutting, complete with a section of in situ deck and parapet, and 
then launched a total of 166 m during a series of short night-time possessions. The 
Figure 16. 
Temporary trestles near live highway.
Figure 17. 
(a) Launch of the bridge over the live highway and railway, (b) aerial photo of the launch (extract from 
Ref. [31]).
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Figure 15. 
Erection sequence of the bridge, trestle.
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Figure 14. 
General arrangement plan and section showing trestles, UG services, tunnels, and network rail.
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8.3  Case Study 3: Motorway M74, UK, Bridge Launch from the temporary 
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65 m wide cutting containing the West Coast mainline was installed by launching 
the bridge as shown in Figure 17a. A 235 m long, 4200 tonne section was formed 
to the West of the cutting, complete with a section of in situ deck and parapet, and 
then launched a total of 166 m during a series of short night-time possessions. The 
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Temporary trestles near live highway.
Figure 17. 
(a) Launch of the bridge over the live highway and railway, (b) aerial photo of the launch (extract from 
Ref. [31]).
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cantilever distance to the first temporary trestle support beyond the cutting is 89 m. 
In order to ensure safety to both Public and the existing network rail assets, the 
temporary works design included the following and was developed collaboratively 
with the supply chain partners in the joint venture project.
i. Assessment of the ground was necessary for designing working platforms for 
all the plant and craneage required for the steel lifts. Outrigger loads from 
the cranes were up to 4200 kN, with 6000 kN of superlift loadings.
ii. Assessing the effect of the applied loads on the Scotland Public Transport 
(SPT) infrastructure.
iii. Design of frames and anchored rock netting to protect Network Rail assets 
during piling and pier construction operations adjacent to the railway cutting.
iv. Design of temporary support trestles and their support piles to take the 
vertical and horizontal loads applied during the bridge launch operations. 
The calculated vertical loads were up to 18,000 kN on a single temporary 
leg under the worst case loading. The design of the trestles evolved as work 
proceeded as exploratory works were carried out in advance of the piling and 
services or obstructions were encountered:
One pair of temporary trestle bases was cast adjacent to a Network Rail 
Retaining and within a main road. The design had to take account of the 
need to avoid unacceptable movements to the nearby masonry retain-
ing wall.
v. The six 1200 mm piles to each base had to be installed in locations which 
avoided impacting on three gas mains, electric cables and a brick sewer.
vi. Design of additional support walls to take the bridge launch loads on the pile 
caps under the temporary loading conditions.
Working collaboratively with our supply chain partners, loads on each of the 
trestles for the launching operations were derived and were used in the analysis of 
temporary trestles. Trestles foundations included piles where space was restricted 
and pad foundation where space was not restricted. The analysis for various combi-
nations of normal loads and accidental loads were carried out in ANSYS and typical 
results from the analysis were summarised in Table 3. These were used for monitor-
ing the loads and the movements of the foundations using targets on trestles and 
foundations.
8.4  Case Study 4: construction of a segmental arch bridge over a railway, 
Dobwalls Bypass, UK
This case study, published in detail in Ref. 32 by the author, shows how the tem-
porary works were managed by the project team in order to ensure that there was 
no repeat of ‘Gerrards cross failure’. The failure at Gerrards Cross, reported in 2005, 
demonstrated the importance of controlling the backfill and carefully controlling 
and monitoring the deflections of the arch bridges during construction. The 87 m 
long arch unit spanning 15.5 m with a rise of 5.6 m was built on the monolithic 
principle, which means it acts as one single structure. The radius of the curved track 
underneath is 500 m, which proved a challenging aspect of the project.
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The structure was in the form of a short tunnel, a proprietary system by Asset 
International, comprising pre-cast concrete arch segments springing from an RC 
slab and upstand, supported on piled foundations. The arch was formed from 
pre-cast concrete elements using a proprietary arch system with an elliptical cross-
section. The two ends of the tunnel consisted of portal sections which are bevelled 
to follow the slope of the new embankment for the realigned section of road. Since 
the bridge structure is made up of arch-shaped pre-cast elements, the elements at 
the ends of the tunnel are cut-off, and no longer form a full arch. These truncated 
elements, therefore, are connected to each other by means of cast-in-situ reinforced 
concrete collars to form a monolithic reinforced concrete shell. This monolithic 
shell includes the two outermost full arch rings which allow all loads acting on one 
side of the bevel to be transferred to the other side and to the foundations. Working 
collaboratively with the project team, we have developed a safe system of construc-
tion as described below.
In order to predict the behaviour of the tunnels during construction and to 
advise the construction teams on the methodology, it was necessary to model each 
stage both in 2D and 3D models. The construction sequence was represented in the 
analysis by a total of 15 stages as shown in Figure 18. Full details of the FE model, 
assumptions, approach, and the sequence including sensitivity analyses were pub-
lished in a separate paper Ref. [32] by the author(s). Only extracts from Ref. [32] are 
presented in this paper.
The construction phases are summarised below.
Phase 1: Establish initial conditions for existing ground and railway 
embankment;
Phase 2: Place new fill up to the level of the existing railway embankment, and 
install piles and pile caps;
Phase 3: Construct arch;
Phase 4: Place fill for the new road embankment away from the arch structure up 
to 75% of the overall height of the arch segments;
Phases 5–13: Place backfill against the arch with a maximum differential 
between sides of 600 mm, with compaction load of 11.5 kN/m2 on the surface of 
the fill;
Item Trestle 1 Trestle 2 Trestle 3
Vertical settlement 8 mm 8 mm 0 mm (under 
lifting strut). 6 mm 
elsewhere.
Anticipated lateral movement (at pile cap). 
Parallel to launch
10 mm 10 mm 9 mm
Maximum lateral movement (worst case soils) 
at pile cap. Parallel to launch
— — 21 mm
Maximum lateral movement (worst case) at 
pile cap. Perpendicular to NR retaining wall
— — 14 mm
Worst case lateral movement at network rail 
wall for worst case soils and bridge being pulled 
back (westwards)
— — 3 to 5 mm
Total maximum vertical load on support +5000 kN 34,500 kN 20,000 kN
Total minimum vertical load on support −4350 kN — —
Table 3. 
Amber trigger levels for movements and loads on trestles.
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Phase 14: Place final layer of fill over the arch, with compaction load of 
11.5 kN/m2 over the full width of the model on the top surface;
Phase 15: Remove compaction load of 11.5 kN/m2 on top surface of the model.
It was important to carry out sensitivity studies with respect to soil stiffness, 
backfill characteristics, interface stiffness, and initial conditions of the arch to 
establish lower and upper bounds of movements. These sensitivity studies helped 
us to develop a safe and robust scheme of backfilling sequence and helped us to set 
new trigger limits for safe construction. Closed-form solutions predict the move-
ments for a fully backfilled scenario however they will not predict the movements 
for unsymmetrical backfilling on either side of the arches and therefore numerical 
models in 2D and 3D will give insight to real behaviour. The models developed 
here in 2D and 3D, therefore, gave insight into the development of the movement 
throughout the construction process. The power of the modelling is demonstrated 
by comparing the analytical results with observations on site. The site observations 
matched well with the numerical predictions from 2D and 3D models as shown in 
Figure 19.
Figure 18. 
Construction sequence model analysed in the finite difference software (FLAC).
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8.5  Case Study 5: construction of a hanging building from the truss over railway, 
Bull Ring, Birmingham, UK
The Bull Ring Redevelopment in Birmingham consisted of demolishing the 
existing 1960s concrete shopping centre and replacing it with a new one. The 
northern part of this new complex lies directly above the New Street South railway 
tunnels, which carry the main lines to London and the West Country through them. 
During the redevelopment work there was the potential to affect the railway tunnels 
at various stages of construction.
To maximise the available retail space at the northern end of the development, 2 
No. hanging structures were to be constructed to extend the development over the 
Northern Arm road, with the pedestrian footbridge described above providing the 
‘sandwich’ between the hanging structures. To support these hanging structures a 
structural steelwork bowstring truss is positioned at either end of each structure, 
spanning across the Northern Arm to carry all other intermediate steelwork, 
reinforced concrete floor slabs, roof, cladding, etc.
The western hanging structure is supported by trusses T1 and T2, which are sup-
ported at their northern end by double columns supported off a reinforced concrete 
pile cap founded on a cluster of mini piles constructed within the basement of the 
Rotunda. At its southern end these trusses are again supported by a twin steel column 
section founded behind the contiguous piled wall and thus forming part of the main 
development structural frame. The brick arch railway tunnels are not continuous 
for the full length of the Northern Arm. At its western end the brick arch tunnels 
give way to a reinforced concrete road bridge, built 1961–1962. This road bridge 
continues in a westerly direction towards the New Street station junction, noting that 
immediately northwest of truss T1 the road bridge deck slab is discontinuous with an 
open section of railway exposed and only protected by a 1.8 m high concrete parapet 
wall constructed around the opening. Working collaboratively with our supply chain 
partners, we have developed a safe erection methodology as described below.
Once the fabrication location was established, crane sizes and locations were 
firmed up, thus allowing a detailed crane analysis to be carried out to produce 
theoretical outrigger loads, including any redistribution of loads resulting from any 
crane slewing, jibbing in/out, etc. during the lifts. The Railtrack structures were 
then assessed under these loads, with feedback to the site team accordingly if the 
Figure 19. 
Movement of the crown of the arch while backfilling sequence is progressed to build the highway bridge over the 
railway.
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matched well with the numerical predictions from 2D and 3D models as shown in 
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crane slewing, jibbing in/out, etc. during the lifts. The Railtrack structures were 
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Figure 19. 
Movement of the crown of the arch while backfilling sequence is progressed to build the highway bridge over the 
railway.
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structures were likely to be overstressed, with recommendations to relocate cranes, 
increase outrigger mats, distribute outrigger loads onto twin mats, etc.
Once craneage locations were finalised, craneage layouts were firmed up, 
structural checks were completed, scaffold layouts finalised and method statements 
produced. Craneage used for the fabrication of the trusses and associated erection 
of the temporary works support scaffold varied from truss to truss, but for each 
truss one of the cranes used for the tandem lift of that truss was utilised as the 
service crane for the above works. Therefore, for trusses T1 and T2 a 400 T crane 
was used with an 800 T crane used for trusses T3 and T4. As part of the checks 
undertaken during the initial piling works to establish constraints for the piling 
plant, its location, and associated excavations, a considerable amount of design 
checks using finite element analysis had been undertaken on the brick arch tunnels. 
To satisfy railtrack/network rail requirements the following monitoring equipment 
had been installed into the tunnels before works started and included, electro level 
beam surveys, vibration sensors, tilt meters, and tape extensometers.
Temporary works design checks undertaken were based on theoretical outrigger 
loads prepared by the crane manufacturers following assessment of the different 
lifts by the different cranes. On the basis that these outrigger loads did not cause 
distress to the structures below, it was essential that outrigger loads were checked 
to ensure that the theoretical maximum loads were not exceeded. Hence use was 
made of the crane digital outrigger load readout indicator to monitor these loads. 
The details of the finite element analysis and the assumptions are presented in a full 
paper in Ref. [33] and only extracts from Ref. 33 are presented in this paper.
During each lift and at various times during the fabrication of the trusses, the 
tunnel monitoring system PC was attended full time by one of our site engineers to 
observe any changes, notably deformation movements. A site engineer would also 
monitor the full time the crane outrigger load indicator during major lifts.
During the crane lifts and during the fabrication of the trusses no discernible 
deformation to the tunnel was recorded—noting that, when the tunnel monitoring 
system PC was not being observed full time, the system did activate a telephone 
alarm once a deformation of 7 mm occurred.
Figure 20. 
Erection of 140 T truss over the railway with a soil cover of 3 m.
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The crane outrigger loads, as observed on the outrigger load indicator, were 
generally well inside the theoretical figures. On truss T1 lift the 800 T crane on the 
bridge beams had a maximum outrigger load of 74 T against a predicted value of 
106 T. On truss T2 lift the 800 T crane on the tunnel central wall had a maximum 
outrigger load of 92 T against a predicted value of 98 T.
One the same lift the 400 T crane on the transfer beams spanning across the 
beams had a maximum outrigger load of 99 T against a predicted value of 120 T. 
Figure 20 shows the truss T1 over the tunnels.
Immediately following each lift on the first available track possession/isolation a 
visual inspection of the tunnel was undertaken and no visible signs of distress and 
Figure 21. 
Non-linear finite element analysis of soil structure interaction for the loads from erection of the truss over the 
live railway.
Table 4. 
Measured and observed movements of the arch for 70 T rig on the tunnels.
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movement were ever observed. Tape extensometer checks were also undertaken 
and again no significant movement attributable to the crane lifts was ever recorded.
Finite element models were developed in ANSYS (commercially available 
software) in view of the above. In particular, two-dimensional linear and non-
linear global analysis and a three-dimensional non-linear local analysis were carried 
out. Figure 21 shows the finite element model. Planar elements were used for 
two-dimensional analysis whereas solid elements with no tension were used in the 
three-dimensional analysis.
ANSYS results were calibrated against site observations by making test trails 
on-site by surcharging pile plant loading on the tunnels and results are shown in 
Table 4.
Analysis method, assumptions, and further details of the finite elements are 
presented in the detailed paper by the authors in CIRIA report on tunnelling [33]. 
Only extracts are presented in this paper.
9. Summary
Temporary works are an integral part of the safe construction of bridges and 
should be designed by competent bodies. Independent checks, and balances are to 
be in place to ensure that the public and asset owners are protected by the con-
struction method, construction sequence of bridges. This paper summarises more 
recent failures and draws the conclusion that some of the best practice guidelines 
as developed in the UK can be adopted outside the UK. Early engagement by the 
contractor and communication to all the parties involved play a significant role in 
the safe delivery of the works at the site. Every aspect of the temporary work should 
be looked into in detail with reasonable margins of safety. Regular monitoring 
during the construction to ensure that the early warnings are not exceeded and are 
vital to verify the performance is as predicted and that no unsafe condition is being 
approached.
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two-dimensional analysis whereas solid elements with no tension were used in the 
three-dimensional analysis.
ANSYS results were calibrated against site observations by making test trails 
on-site by surcharging pile plant loading on the tunnels and results are shown in 
Table 4.
Analysis method, assumptions, and further details of the finite elements are 
presented in the detailed paper by the authors in CIRIA report on tunnelling [33]. 
Only extracts are presented in this paper.
9. Summary
Temporary works are an integral part of the safe construction of bridges and 
should be designed by competent bodies. Independent checks, and balances are to 
be in place to ensure that the public and asset owners are protected by the con-
struction method, construction sequence of bridges. This paper summarises more 
recent failures and draws the conclusion that some of the best practice guidelines 
as developed in the UK can be adopted outside the UK. Early engagement by the 
contractor and communication to all the parties involved play a significant role in 
the safe delivery of the works at the site. Every aspect of the temporary work should 
be looked into in detail with reasonable margins of safety. Regular monitoring 
during the construction to ensure that the early warnings are not exceeded and are 
vital to verify the performance is as predicted and that no unsafe condition is being 
approached.
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Geometric Accuracy of Digital
Twins for Structural Health
Monitoring
Ruodan Lu, Chris Rausch, Marzia Bolpagni,
Ioannis Brilakis and Carl T. Haas
Abstract
We present an exploratory analysis of the geometric accuracy of digital twins
generated for existing infrastructure using point clouds. The Level of Geometric
Accuracy is a vital specification to measure the twinning quality of the resulting
twins. However, there is a lack of a clear definition of the Level of Geometric
Accuracy for twins generated in the operation and maintenance stage, especially for
structural health monitoring purposes. We critically review existing industry appli-
cations and twinning methods. To highlight the technical challenges with creating
high-fidelity digital replicas, we present a case study of twinning a bridge using
real-world point clouds. We do not provide conclusive methods or results but
envisage potential twinning strategies to achieve the desired geometry accuracy.
This chapter aims to inform the future development of a geometric accuracy-based
evaluation system for use in twinning and updating processes. Since a major barrier
for a fully automated twinning workflow is the lack of rigorous interpretation of
‘geometric accuracy’ outside design environments, it is imperative to develop com-
prehensive standards to guide practitioners and researchers in order to achieve
model certainty. As such, this chapter also aims to educate all stakeholders in order
to minimise risk when drafting contracts and exchanging digital deliverables.
Keywords: digital twin, geometric accuracy, point clouds, bridge, structural
health monitoring
1. Introduction
In the wake of the Notre Dame Cathedral fire, digital scans collected by Dr.
Andrew Tallon [1] offer the hope for future restoration. One question raised is,
what Level of Geometric Accuracy (LOGA) can the reconstructed digital replica
achieve with respect to the physical asset? In the Architecture, Engineering and
Construction (AEC) sector, operation and maintenance (O&M) costs can range
between 60 and 80% of total life cycle costs, which is three times greater than the
cost of design and construction [2]. This demonstrates the significance of
implementing intelligent asset documentation and structural health monitoring
(SHM) approaches for existing built assets. Laser scanning has been widely used to
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document and monitor existing conditions of real-world assets in the form of point
clouds [3, 4]. A point cloud is an unstructured low-level digital representation,
which by itself does not contain any meaningful information of the documented
asset. A ‘twinning’ process is utilised to convert the low-level data into a high-level
digital representation in a structured format, namely, a geometric Digital Twin
(gDT) [5]. The gDT can be further enriched with other information, such as
semantic meanings, texture, materials, damage, energy use, maintenance data and
so forth from its physical twin using IoT technologies [6], to form an information
enriched model over time, namely, a ‘digital twin’ (DT). ‘Geometric accuracy’ is a
vital indicator that guides and describes the degree of spatial accuracy of the
resulting twin. It is conventionally deemed as the Represented Accuracy [7] that
denotes the standard deviation range to be achieved once the point cloud is twinned
into a geometric model. Twinning a real-world asset is an interpretive process,
where geometric accuracy largely depends on a modeller’s experience and discretion
[5]. While in their unstructured state, point clouds contain more geometric details
than a resulting gDT created from the point cloud. Therefore, the resulting ‘best-fit’
gDTs are highly unlikely to be as accurate as the measured data (e.g., a point cloud)
at the end of the twinning process [8]. This is also true for the automated methods
since there is a trade-off between the achieved geometric accuracy and the quantity
of information used for describing existing constructive objects in arbitrary shapes
[9]. This occurs because the process of twinning involves simplifications to create
polygon- or mesh-based primitives so that it ‘smooths’ discontinuities and gaps in
point clouds [10]. This means that almost every object is approximated in order to
transform point-cloud-based descriptors (in non-parametric formats) into para-
metric primitives [11]. Figure 1 illustrates a series of components for a bridge asset
where the point cloud is converted into bespoke gDT elements. However, since
point clouds often contain defects, such as varying point density [12] and occlusions
[13], it is difficult or often not feasible to achieve a desired LOGA for resulting gDTs
[5]. When these conditions occur, what are realistic expectations for a modeller or
of an automated method with regard to representing the reality and meeting the
required accuracies for SHM?
Numerous specifications termed as LOX (e.g. Level of Development and Level
of Detail) have been developed to guide practitioners and researchers when creating
digital models [14]. What do the LOX mean? How to measure whether the specifi-
cations were met? What is the best practice approach to reflect when the employer
Figure 1.
Customising shapes of bridge components and fitting them to point clusters.
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requires ‘1 cm accuracy’ or ‘every element to be within a half centimetre’? This
chapter explores these questions, aiming (1) to provide a critical review of existing
specifications and twinning implementations, (2) to identify technical twinning
challenges, and (3) to inform the establishment of a geometric-accuracy-based
evaluation system for twinning and updating.
2. Background
2.1 Existing LOX
The term ‘LOD’ was initially introduced by Vico Software [15]. Ambiguity of
defining LOD stems largely from the fact that the American Institute of Architects
(AIA) later adopted this concept and kept the acronym LOD but changed it to mean
‘Level of Development’ rather than ‘Level of Detail’ [16]. It was then superseded by
the document AIA G202™ [17], which defines five progressively detailed levels of
completeness: LOD100–LOD500. Based on the AIA protocols, the BIMForum [18]
released another LOD specification, which was identical to those published in the
AIA’s Digital Practice Documents [19], but with two exceptions. First, a new LOD
was designated as LOD350. Second, the LOD500 was removed from the specifica-
tion. The geometric requirements of gDT elements of LOD300, LOD350, and
LOD400 are defined in the same way in terms of accuracy. However, this
BIMForum document does not elaborate on what is implied by ‘accurate’ or how to
measure it. Bolpagni [20–22] summarised the history of the LOX classification
system in Table 1. Various new classification systems have been developed to
accompany and complement the BIMForum’s LOD specification. For example, New
Zealand proposed a LOD specification that contains five maturity levels [23], each
of which is a sum of different aspects that define the geometry and information of
gDT elements. Among these, Level of Detail (LOD) and Level of Accuracy (LOA)
do not specify any quantitative standards. Royal Institution of Chartered Surveyors
[24] proposed a concept of building survey detail accuracy banding, which defines
accuracies to be achieved for different surveyed features when an employer
requires a customised geometric accuracy and confidence level. This banding,
however, is tailored for designing building settings consisting of cuboids defined by
length, width, and height. Similarly, Abualdenien and Borrmann [25] introduced a
multi-LOD meta scheme, taking into account the geometric uncertainties by
assigning quantitative fuzziness in cm. Again, the usefulness of this scheme in
describing the twinning quality is unknown. To this end, Banfi [26] and Banfi et al.
[27] proposed a new Grades of Generation (GoG) protocol for twinning highly
complex historic structures from point clouds. LOGA was defined as the error
resulting between the reconstructed objects and the point clouds using metrics such
as the mean distance, median distance, and standard deviation. The USIBD specifi-
cations [7] were the first to provide the means to report twinning results of existing
building conditions (from point clouds) based on standard deviation (stdev). It
articulates the ‘accuracy’ as well as the five different LOAs (Figure 2) by which to
represent real-world out-of-plumb geometries. Specifically, the Measured Accuracy
represents the stdev range that is to be achieved to acquire a point cloud, regardless
of the method used. In contrast, the Represented Accuracy represents the stdev
range that is to be achieved when a point cloud is twinned. This guideline, however,
does not indicate how to achieve and how to measure the Measured Accuracy and
Represented Accuracy. As shown, various acronyms are used across countries and
organisations. These acronyms are either identical or interchangeable, making them
very challenging to be understood or adopted.
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requires ‘1 cm accuracy’ or ‘every element to be within a half centimetre’? This
chapter explores these questions, aiming (1) to provide a critical review of existing
specifications and twinning implementations, (2) to identify technical twinning
challenges, and (3) to inform the establishment of a geometric-accuracy-based
evaluation system for twinning and updating.
2. Background
2.1 Existing LOX
The term ‘LOD’ was initially introduced by Vico Software [15]. Ambiguity of
defining LOD stems largely from the fact that the American Institute of Architects
(AIA) later adopted this concept and kept the acronym LOD but changed it to mean
‘Level of Development’ rather than ‘Level of Detail’ [16]. It was then superseded by
the document AIA G202™ [17], which defines five progressively detailed levels of
completeness: LOD100–LOD500. Based on the AIA protocols, the BIMForum [18]
released another LOD specification, which was identical to those published in the
AIA’s Digital Practice Documents [19], but with two exceptions. First, a new LOD
was designated as LOD350. Second, the LOD500 was removed from the specifica-
tion. The geometric requirements of gDT elements of LOD300, LOD350, and
LOD400 are defined in the same way in terms of accuracy. However, this
BIMForum document does not elaborate on what is implied by ‘accurate’ or how to
measure it. Bolpagni [20–22] summarised the history of the LOX classification
system in Table 1. Various new classification systems have been developed to
accompany and complement the BIMForum’s LOD specification. For example, New
Zealand proposed a LOD specification that contains five maturity levels [23], each
of which is a sum of different aspects that define the geometry and information of
gDT elements. Among these, Level of Detail (LOD) and Level of Accuracy (LOA)
do not specify any quantitative standards. Royal Institution of Chartered Surveyors
[24] proposed a concept of building survey detail accuracy banding, which defines
accuracies to be achieved for different surveyed features when an employer
requires a customised geometric accuracy and confidence level. This banding,
however, is tailored for designing building settings consisting of cuboids defined by
length, width, and height. Similarly, Abualdenien and Borrmann [25] introduced a
multi-LOD meta scheme, taking into account the geometric uncertainties by
assigning quantitative fuzziness in cm. Again, the usefulness of this scheme in
describing the twinning quality is unknown. To this end, Banfi [26] and Banfi et al.
[27] proposed a new Grades of Generation (GoG) protocol for twinning highly
complex historic structures from point clouds. LOGA was defined as the error
resulting between the reconstructed objects and the point clouds using metrics such
as the mean distance, median distance, and standard deviation. The USIBD specifi-
cations [7] were the first to provide the means to report twinning results of existing
building conditions (from point clouds) based on standard deviation (stdev). It
articulates the ‘accuracy’ as well as the five different LOAs (Figure 2) by which to
represent real-world out-of-plumb geometries. Specifically, the Measured Accuracy
represents the stdev range that is to be achieved to acquire a point cloud, regardless
of the method used. In contrast, the Represented Accuracy represents the stdev
range that is to be achieved when a point cloud is twinned. This guideline, however,
does not indicate how to achieve and how to measure the Measured Accuracy and
Represented Accuracy. As shown, various acronyms are used across countries and
organisations. These acronyms are either identical or interchangeable, making them
very challenging to be understood or adopted.
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2.2 Industry applications
Leading software vendors provide advanced commercial twinning solutions, which
are currently semi-automated processes at best.ClearEdge3D Edgewise software can
automatically extract geometric features for industrial constructive elements and basic
architectural elements using cross-sections in user-cropped regions followed by fitting
3D shapes froma library of preloaded features [28, 29]. Thismeans, the current practice
can achieve a high degree of automation of twinning if the resulting geometries are
assumed to be generic or pre-defined.However, in the context of SHM, this assumption
Country/
region









China CBC 2014 Level of Detail √ √ √ √
Belgium ABEB-VBA 2015 Level of
Development
√ √ √
Germany D&R 2015 Level of
Development
√ √
USA BIMForum 2015 Level of
Development
√ √ √





















2015 LOD √ √ √
Table 1.
Comparison of the LOX classification system across countries.
Figure 2.
Measured and represented accuracy [7].
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Country/
region









China CBC 2014 Level of Detail √ √ √ √
Belgium ABEB-VBA 2015 Level of
Development
√ √ √
Germany D&R 2015 Level of
Development
√ √
USA BIMForum 2015 Level of
Development
√ √ √





















2015 LOD √ √ √
Table 1.
Comparison of the LOX classification system across countries.
Figure 2.
Measured and represented accuracy [7].
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is unrealistic if a millimetre twinning accuracy is required. Twinning arbitrary geome-
tries using point clouds is quite challenging [30].Most authoring tools are designed to
model orthogonally, or along local coordinate axes. They employ the use of rigid-body
parameters to design construction elements by defining cross-sectional shapes, length,
width and height parameters, whereas in the real world, as-is components are often
warped, off-plumb, or contain deflections [31].While finite element analysis and
multi-physics engines can be used to predict elastic and plastic distortions inmaterials
[32], current digitization workflows that produce parametric objects cannot capture
distortion such as bowing in a beam or welding distortion in steel frames. Errors are
introducedwhen the as-is geometries are twinned as being plumb and subjected to
rigid-body physics [33]. In this case, geometry deviation analysis is important because
unfitted geometries would potentially reduce the reliability of the gDT to be used for
structural analysis and defect detection for SHMpurposes. Current authoring applica-
tions are not capable of carrying out geometry deviation analysis for point clouds. The
actual geometry deviation analysis requires third-partymiddleware software to inter-
pret and investigate. FARO BuildIT Construction [34] is themost recent verification
software for dimensional quality control (QC) process. Measured data collected
from laser scanners can be compared against a gDT to analyse geometric deviations
(Figure 3). However, it is worth noting that the nature and origin of a deviation is not
identified in the analysis directly. Specifically, the analysis itself is often in the formof a
‘heat map’, where deviations are plotted in colours that correspond to a specific mag-
nitude and direction from a perfect state (i.e. 0mmdeviation). However, point clouds
contain voids and sparse measurements, which as directly classified deviations. These
false positive measurements make it difficult to interpret the deviation analysis results.
Users must manually inspect datasets to observe and detect gross errors ormissing
components. Currently, there are no available automated solutions for this in existing
middleware. In addition, once deviations are identified through deviation analysis and
manual interpretation, usersmust alsomanually apply changes to update the authoring
gDTs. This is currently a large challenge since there is very little research into auto-
mated updating of gDT from point clouds [35, 36].
2.3 Existing research methods
Automated methods have been proposed to streamline the twinning process
(Table 2) [37, 38]. However, user intervention was still required for some crucial
Figure 3.
Deviation analysis of a pipe assembly (point cloud data courtesy of FARO Technologies, Inc.).
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steps [44]. Zhang et al. [40] and Laefer and Truong-Hong [47] produced gDTs for
bridges and industry plants, but without a geometric deviation assessment. Anil
et al. [39] were among the pioneers who discussed in depth the problem of geo-
metric deviation. They suggested using minimum Euclidean distance and thresholding
[49] as metrics to evaluate the fitting quality (CAD model against point clouds).
The deviation analysis at macro level (for the whole structure) was performed using
a commercial software application (i.e. Polyworks v9). Bonduel et al. [46]
suggested assessing the twinning results at both macro and micro levels. They used
CloudCompare to analyse the deviations between a point cloud and a manually
generated building floor gDT. They also discussed the achieved represented accu-
racy using LOAs provided by USIBD. Then, Hausdorff distance was proposed to
measure the fitting deviation of a mesh-based building gDT reconstructed from a
synthetic point cloud [41]. Thomson and Boehm [42] suggested using Euclidean
distance and area difference based on the width and length, and angular difference to
measure the fitting quality of walls. Although these measurements can assess
elementwise quality, they are tailored for generic building walls in cuboid shapes.
Similarly, Valero et al. [43] assessed fitting deviations of individual furniture
objects and walls using orientation, dimension, positioning, and sizing metrics, assum-
ing these objects consist of planar surfaces. Lu et al. [5] proposed an automated
fitting method to twin bridge components. They gauged the fitting accuracy using
Cloud-to-Cloud (C2C) distance metrics—a similar metric used by Shirowzhan et al.
[51]. However, the geometric deviation evaluation was performed only at the macro
level. NURBS-based methods [27, 44, 45, 48] were employed to reconstruct geo-
metric surfaces for building, industry plant, and historic building elements. Note
that the generation of compound pipes requires user intervention to group a set of
cylindrical segments followed by automatically fitting surfaces [44]. Likewise,
highly complex historic structures require manual surface generation, although
extremely high twinning accuracy was reported [27]. Point-to-surface distance met-
rics were used to evaluate the fitting quality [44, 48]. In contrast, Barazzetti [45]
used the commercial package Geomagic Studio to evaluate the fitting accuracy of
the NURBS curves through a progressive densification (i.e. multi-resolution)
approach. As shown, there is no fully automatic method to produce geometrically
highly accurate twins for existing assets. Also, more comprehensive evaluation
metrics need to be established for assessing twinning quality.
3. Case study
Previous sections have discussed that twinning existing assets using point
clouds is restricted by current software tools which are limited in their ability to
represent out-of-plumb conditions and non-rigid formations. It is also restricted by
the limits of the data itself. This section discusses this problem in detail through a
case study.
Laser scanning can sample an object’s surface as it exists with highly accurate
spatial measurements in the form of 3D points. If the documented object is not
straight or plumb, the scanner can capture its geometric status. Theoretically, a
terrestrial laser scanner such as the FARO Focus 3D X330 [52] has a ranging
error of 2 mm at 10 m, equating to a systematic measurement error at around
of 1σ at 10 m. However, the measured accuracy is affected by many factors,
including the standard deviation of the sensor, registration methods, material
type being scanned, low temperature, bad weather, and strong sunlight [53]. The
overall twinning error ET can be expressed as a combination of three primary
sources of error:
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ET ¼ ERA þ EM þ ER, (1)
where ERA is the ranging error associated with the laser scanner, EM is the
measured error introduced during scanning and registration, and ER is the
represented error resulting from the process of scan-to-gDT. It is important to
specify the error associated with each source independent of each other since they
are assumed to be mutually exclusive. In this chapter, we only focus on discussing
the represented error ER, which is independent of the sensor, or parameters of the
documented object, or scanning and registration methods. It is related to the man-
ner with which the measured point cloud is being transformed into the outcome, i.e.
a gDT and describes the extent the gDT matches the acquired points.
As mentioned earlier, existing authoring software packages are by nature ortho-
graphic modelling tools. The challenge with using these software packages becomes
how to represent a structure’s up-to-date conditions. To complicate matters further,
the as-weathered, as-damaged, or as-deviated information of existing assets further
increases the representation difficulty. Fitting deviations will be generated and
propagated if these conditions are represented in an over-simplified fashion. In
addition, sparseness, hidden, or concealed conditions are often encountered in
point clouds, making it difficult or impossible to twin constructive objects with
certainty. Thus, ER is the accumulated error from the geometric deviations and the
propagation of data uncertainty.
Figure 4 demonstrates current efforts on parametric bridge design [54]. The
essential feature for bridges is the horizontal and vertical alignments, which control
the parametric relationships and dependencies between assembly systems and all
components. The deck cross-sections are then driven by the bridge alignment
curves. They are profiles that are used in conjunction with the alignment to derive
the overall 3D shape of the bridge deck.
When SHM and retrofit planning is being performed, accurate as-is condition
data is required regardless of the availability of the as-designed parametric infor-
mation. Point clouds can depict the as-is geometries of an asset using thousands of
data points. However, maintaining the dimensional accuracy and geometric fidelity
of a given bridge point cloud is challenging because the usefulness of topological
and geometric constraints is limited to very simple geometric shapes and spatial
relationships. As-is geometries do not exhibit a parametric pattern with respect to
the initial primitives used to create the as-designed model. Figure 5 illustrates the
non-orthogonal geometries of a real-world bridge point cloud cannot be fitted using
Figure 4.
Parametric cross section design of a slab-beam bridge with user-defined geometric constraints [54].
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ner with which the measured point cloud is being transformed into the outcome, i.e.
a gDT and describes the extent the gDT matches the acquired points.
As mentioned earlier, existing authoring software packages are by nature ortho-
graphic modelling tools. The challenge with using these software packages becomes
how to represent a structure’s up-to-date conditions. To complicate matters further,
the as-weathered, as-damaged, or as-deviated information of existing assets further
increases the representation difficulty. Fitting deviations will be generated and
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When SHM and retrofit planning is being performed, accurate as-is condition
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mation. Point clouds can depict the as-is geometries of an asset using thousands of
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Parametric cross section design of a slab-beam bridge with user-defined geometric constraints [54].
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generic shapes, such as cuboids, in an orthogonal fashion. The modelled slabs do not
follow the point cloud and produce fitting deviations when they are joined at sharp
angles (Figure 5a). These deviations become smaller if the cross-sections are
outlined with as-is 2D shapes. However, the bridge gDT does not necessarily close
better and become manifold as the fitting quality is improved at the expense of
broken or clashing connections (Figure 5b). This is especially true when twinning
point clouds of pipes with sags, beams and columns with welding distortion or walls
that are skewed. Adjacent components do not fit to properly watertight connections
unless they are joined at right angles. For example, Figure 6 illustrates part of a
piping system generated using point clouds. The local deviation is reduced from
30 to 1 mm when watertight connections are not used. Given the challenge with the
mediation of non-parametric real-world deviations to parametric model primitives,
modellers are often forced to leave objects ‘slightly off-axis’ or perform ‘unnatural
shape editing’ by eliminating or ignoring as many overlapping and joint warnings as
possible in order to match the points.
When facing occlusions and damage conditions, the geometric accuracy has a
reliance on human perception followed by inferring the hidden information based
on assumptions. For example, a bearing plays an important role in a bridge, but its
surface is less than 1% of that of the deck slab and has a complex composition. These
characteristics make it difficult to be fully captured by a laser sensor (Figure 7a).
In addition, point clouds need to be down sampled before feeding into in-memory-
system-based authoring tools or automated algorithms that cannot handle huge
datasets. The down sampling is often performed using a third-party processing
Figure 5.
Fitting geometric shapes to bridge point clouds. (a) Point clouds fitted by cuboids; (b) point clouds fitted by
best-fit shapes.
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software application, which applies generic filters to evenly down sample the points
without considering local geometric context. While this is certainly helpful and
creates beneficial data compression, the resulting datasets often lose information
along the way (i.e. sparse areas or smaller objects will have little to measurements).
Thus, only a few points are retained for the bearing surface which does not provide
enough information to support the twinning task and result in geometry uncer-
tainties (Figure 7b). The interpretation of bearing shapes largely depends on
Figure 6.
Fitting cylinders to piping point clouds (point cloud data courtesy of FARO Technologies, Inc.).
Figure 7.
Bearing gDT generation under uncertainty. (a) Original point cloud; (b) down-sampled point cloud;
(c) bearing shapes and connection problem; (d) (e) geometry uncertainty in point clouds.
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modeller’s knowledge and discretion, which could introduce connection problems
(e.g., clashing/gaps) (Figure 7c). Uncertainty increases when working with point
clouds containing skewness and noise (Figure 7d and e). Although methods have
been suggested to work under occlusions and sparseness [5, 55], the certainty of the
resulting models is rarely investigated.
Figure 8 shows an example of a bridge where little-to-no measurements were
captured in the girder areas due to a limited line of sight [56]. Like many existing
works, both the manual and the automated method inferred specific girder profiles
and produced gDTs with detailed dimensions using engineering knowledge. Then,
Cloud-to-Cloud (C2C) distance could be used [5] to compute the deviation between
the point clouds sampled from the manually generated gDTs (Manual) and the
automated ones (Auto), and the real point clouds (Real):
C2C ¼ max distManual or Auto=Real, distReal=Manual or Auto
 
, (2)
where dist is the estimated distance between a compared point cloud (i.e.
Manual or Auto) and a reference point cloud (i.e. Real). Non-trivial fitting devia-
tions occurred and raised the overall macro-level deviation (C2CAuto—12.5 cm and
C2CManual—5.7 cm) [5]. These significant fitting deviations were due to the
occluded areas, as no measurements were available to compare against, resulting in
an incorrect gDT from a geometric accuracy standpoint. This solution is straight-
forward since it does not take the modelling uncertainties into account. It simply
takes uncertain areas as errors. Figure 9 illustrates that the fitting deviation was
drastically reduced by approximately 70% (C2CAuto—4.2 cm) if we replace the
complete girder profiles with unclosed mesh-based gDTs while other parts remain
Figure 8.
Geometric deviation with complete girder profiles in occluded areas.
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unchanged. Yet still, the improved accuracy only aligns with USIBD’s LOA 20
(lower range: 15 mm, and upper range: 5 cm, at 2σ) [7], corresponding to a rela-
tively low accuracy standard. USIBD provides different represented accuracy levels,
but it does not specify how to measure it. For example, we can only use a couple of
reference points to estimate the accuracy. It is the averaged fraction between pair
reference-point distances in the registered scan data and the corresponding pair on-





pair reference� point distance




where M is the number of investigated pair-wise distance. Then, it is possible to
acquire acc that aligns with a higher LOA in USIBD. By contrast, unlike acc, C2C is
an estimation using thousands of calculated points. Therefore, the resulting C2C-
based accuracy is almost surely not going to achieve an expected ‘high accuracy’
level (e.g., �10 mm or USIBD’s LOA 30 onwards). The C2C comparison between
the Auto and Real revealed that points sampled from bottom flanges of girders were
well matched with the original points while the mismatched points were mainly
from the central part of the deck slab where points were not evenly distributed. This
is attributed to the undulating-surfaces of the gDT generated using the proposed
ConcaveHull alpha-shape algorithm (Figure 9). Local indentations or bumps are
generated when alpha value is too small to smooth out the surface affected by
unavoidable noise, raising the fitting deviations. However, optimising the alpha
value is difficult because an indentation, for instance, could be due to a defect or a
hole but could also due to localised sparse and unevenly distributed points. In
addition, although the ConcaveHull alpha-shape algorithm can describe slab geome-
tries in a 2D space, it oversimplifies a 3D space.
Figure 9.
Geometric deviation with incomplete girder profiles in occluded areas.
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4. Prospective twinning methods and deviation analysis
The analysis provided in the previous section demonstrates that real-world
conditions are seldom orthogonal and perfect, rendering it extremely difficult to
perform high-fidelity twinning with a geometric accuracy on the millimetre scale.
Commonly used representation models include but are not limited to: implicit
representation such as mathematical formula-based methods [57], Boundary Rep-
resentation such as polygon- and mesh-based methods [41], Constructive Solid
Geometry [58], Swept Solid Representation [47], and NURBS representation
[45, 48]. Depending on the nature of defects, the as-damaged geometries may be
represented in different ways. Figure 10 illustrates the vision of the concept of an
as-damaged bridge gDT implemented for the inspection work. The method pro-
posed by Hüthwohl et al. [59] can be used to integrate superficial defects such as
cracks, efflorescence, corrosion, and slight spalling [Figure 10a—(3) and (4)] to
the affected element using the back-project technology [59] (Figure 10b). In con-
trast, major defects, such as severe spalling, cavity and pothole [Figure 10a—(1)
and (2)], are significantly different in geometry compared to their surrounding
healthy (i.e. good condition) surfaces. The method proposed by Lu et al. [5] can be
used to represent healthy elements; however, it cannot describe the unhealthy areas
precisely, due to the extrusion-based twinning nature. Finer representation, such
as mesh-based and NURBS-based twinning techniques [50], can be employed to
handle the geometry complexity of significant defects in a precise manner
(Figure 10b). The more variable the defect, the greater the geometric twinning
needs to rely on non-parametric representation such as mesh format. One promis-
ing solution to produce a gDT that takes the as-damage information into account is
to first detect unhealthy areas [60], followed by twinning these unhealthy areas
using finer twinning techniques based on their type and size. However, the mesh
polygon resolution should not degrade the rendered presentation. This requires an
intelligent a priori scheme to resample the point clouds based on the geometric
complexity of a sampled surface [61, 62].
Construction elements with different scales may require different twinning
techniques. For example, extrusions could be efficient for twinning slab segments;
however, they cannot be directly applied to bearings. This means a gDT is highly
likely to contain more than one data representation type in order to balance its
resolution and the LOGA, which very few works have covered in depth. In addition,
Figure 10.
Vision of the concept of an as-damaged bridge gDT applied for inspection. (a) actual damages or defects;
(b) digital representations.
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ing solution to produce a gDT that takes the as-damage information into account is
to first detect unhealthy areas [60], followed by twinning these unhealthy areas
using finer twinning techniques based on their type and size. However, the mesh
polygon resolution should not degrade the rendered presentation. This requires an
intelligent a priori scheme to resample the point clouds based on the geometric
complexity of a sampled surface [61, 62].
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as previously mentioned, occlusions and sparseness increase the uncertainty of the
resulting gDT. These problems require a more intuitive geometric deviation analysis
system. The macro-level deviation analysis can provide an overview of the twinning
quality whereas it does not reflect a detailed comparison at the component- or
feature-level. Therefore, the dimensional QC system of geometric deviation analysis
should consist of both macro- and micro-level analysis. The former, can be used to
quickly localise uncertain areas, or areas with major deviations (Figures 8 and 9)
while the latter can provide detailed deviation analysis at the component-level,
indicating a more meaningful LOGA of specific elements. Table 3 shows an
example of the C2C-based geometric deviation analysis of five bridge gDTs using an
automated twinning method. The micro-level numerical indications show that the
deck slab takes the bigger part of the overall deviation whereas the other compo-
nents such as pier caps, piers, and girders take the smaller part. Specifically, for all
these bridges except Bridge 7, the deviations stemming from deck slabs are 2.9, 3.2,
2.1, and 1.5 times bigger than that of the averaged value for the remaining compo-
nents, respectively. Bridge 7 initially appears misleading since the slab deviations are
only 48.8% of that of its girders. However, these abnormal deviations are due to
significant occlusions in the raw data. The distribution of the deviations is not
necessarily proportional to the LOGA. This can be demonstrated through the
coverage area of components. The deck slab takes most of the sampled surface
compared to that of the pier caps and piers, which are much smaller in size and in
covered area. Specifically, pier caps, piers, and girders take 12, 10.4, 7.2, 31.7, and
15.6% of the overall sampled surface of each bridge, respectively. This means
although the absolute twinning accuracy of smaller components is higher than
larger ones, their relative accuracy is not necessarily better. A deviation analysis
system that combines both macro- and micro-level information can better interpret
the twinning accuracy.
5. Conclusions
This chapter presents an exploratory analysis of the LOGA of geometric twin-
ning for existing assets using point clouds. Twinning existing assets for monitoring
the structural health is a daunting task since the as-is geometric conditions can
differ from the designed status due to geometric anomalies, physical damages,
deflections, and the complexity, ambiguities, and defects in the measured point
cloud data. Section 2.1 reviews existing LOX systems that lack a clear elaboration on
geometry accuracy. They share the same acronym but do not necessarily carry the
same meaning. They are tailored for basic assumptions made in the design phase or
at the beginning of a generative process, making them useless to interpret the as-is
geometries of gDTs delivered for SHM purposes. Section 2.2 reviews on industry
applications and reveals that there remains a gap between the accuracy require-
ments placed on gDTs and the capabilities of underlying twinning processes. Spe-
cifically, there are practical limitations of authoring tools with respect to the context
of orthogonal (i.e. idealised parametric primitives) and real-world deviations (i.e.
non-parametric data formats such as point clouds and meshes). Their ability to twin
or capture non-rigid-body deformations is extremely limited. Likewise, limitations
are also revealed for the deviation evaluation tools with respect to geometric accu-
racy interpretations. Despite the growing state of the art (Section 2.3), a fully
automated twinning and updating process is still in its infancy. A major bottleneck
for complete automation of the workflow is the definition of LOGA of the
documented asset that covers all geometric deviations and data uncertainties.
This requires a development of comprehensive LOGA-based evaluation metrics for
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gDTs generated in the post-construction stage. The case study (Section 3) demon-
strates the technical challenges of the twinning process. High-fidelity twinning
within millimetre-level geometric accuracy is challenging to achieve because each
step introduces errors. This requires in-depth research on the level of the model
certainty. LOGA is closely related to the tools, techniques, and process used to
represent the specific object being documented. In the end, the twinning method
and LOGA depend highly on what the gDT will be used for (Section 4), on the
specific needs and goals of the project, and what kind of metadata is required when
providing information about the geometric accuracy.
Parameterising point cloud data results in a loss of geometric accuracy along
with a decrease of model certainty. This requires practitioners and researchers to
effectively communicate the LOGA through a universal consensus before develop-
ing, evaluating, and using gDTs. Until there is a consensus and a universal system
for describing geometric accuracy of gDTs, the following recommendations are
provided. In the case where geometric accuracy requirements are very strict, such
as in the O&M stage, it may be useful to store and link the initial as-is captured data
along with the resulting gDT. The purpose for this is two-fold. First, it allows for an
end-user to view the initial dataset that was used to create the gDT, for conducting
its own unique accuracy or structural analysis. Storing the initial raw point cloud
data will provide a level of confidence to an end-user when they use the geometric
information from a gDT. It also alleviates some of the burden placed on individuals
who create the gDT to provide a subjective global accuracy figure (which can have
legal impacts depending on end-use of such gDTs). Secondly, linking the initial data
capture avoids loss of geometric data. Since point cloud data contains much rawer
geometric information than a resulting surface-based or solid-based gDT, data
fidelity can be preserved. As twinning processes and algorithms continue to develop
and improve (both in accuracy but also in computational efficiency) it will be
possible to build, update, manage, and exploit gDTs in a progressive manner.
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resulting gDT. These problems require a more intuitive geometric deviation analysis
system. The macro-level deviation analysis can provide an overview of the twinning
quality whereas it does not reflect a detailed comparison at the component- or
feature-level. Therefore, the dimensional QC system of geometric deviation analysis
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providing information about the geometric accuracy.
Parameterising point cloud data results in a loss of geometric accuracy along
with a decrease of model certainty. This requires practitioners and researchers to
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Chapter 8
Safety Evaluation of Stay Cables
of Cable-Stayed and Extradosed
Bridges via Deterministic and
Non-deterministic Methods
Khawaja Ali and Aleena Saleem
Abstract
Cable-stayed and extradosed bridges are thought to be identical structures
because both bridges use stay cables for reinforcement. However, the safety factors
of their stay cables are stipulated differently in many international standards, i.e.,
Japanese specifications suggest the safety factors of 2.5 and 1.67 for the design of
cable-stayed and extradosed bridges, respectively. In this chapter, a parametric
study is carried out for the evaluation of safety factors of stay cables by employing
the deterministic and nondeterministic methods at limit states. As a result, it is
found that the safety factors in the range of 2.3–2.5 and 1.67 are indispensable for
the safe design of cable-stayed and extradosed bridges, respectively, to satisfy the
conditions of limit states and target reliability index.
Keywords: cable-stayed bridge, extradosed bridge, stay cable, safety factor,
reliability, fatigue, limit state
1. Introduction
The extradosed bridge is thought to be a special form of cable-stayed bridge
because both bridges use inclined stay cables for supporting the girder load elasti-
cally at points along its length in order to increase the span of girder without
intermediate piers [1]. The dead and live loads on girders are transferred to towers
by axial action of stay cables. Thus, the safety of these kinds of flexible structures is
mainly dependent on the safety of stay cables, which is usually assured by intro-
ducing a safety factor to provide a margin between theoretical strengths (R) and
load effects (S). For instance, the allowable stress (σall) at serviceability limit state
(SLS) as per the Japan Prestressed Concrete Engineering Association’s Specifica-
tions, may be determined as 0.4 σUTS and 0.6 σUTS (where σUTS is ultimate tensile
strength) for the design of cable-stayed and extradosed bridges, respectively [2]. In
that context, Ali et al. [3] estimated an optimum value of safety factor for stay
cables of a cable-stayed bridge under ultimate and fatigue limit states by consider-
ing the effects of various unexpected events. However, the problem of how much
σall should be used for the stay cables of extradosed bridges is still controversial
because these cables are considered as external cables arranged outside the box
girder. Moreover, the safety factors of these cables have not been verified against
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extreme loading and unexpected damage conditions. Besides this, the stress range in
a stay cable due to live load is one of the most important considerations for the
design of stay cables against fatigue failure [4]. Owing to the variations in live loads,
it is difficult to precisely examine the safety of these kinds of flexible structures
through an evaluation method comprising safety factors based on experience.
Therefore, it seems to be reasonable to conduct safety and reliability assessment
using a nondeterministic reliability method which takes into account the effects of
all kinds of uncertainties [5–7].
In this paper, a parametric study is carried out to evaluate the safety factors of
stay cables of cable-stayed and extradosed bridges by employing the deterministic
and nondeterministic methods at limit states. The effects of various parameters, i.e.,
cable loss and deterioration of cables due to corrosion, on demand to capacity ratio
(DCR) of stay cables are also considered in this study. Finally, it is found that the
safety factors in the range of 2.3–2.5 and 1.67 are essential for the safe design of
cable-stayed and extradosed bridges, respectively to satisfy the conditions of limit
states and target reliability index.
2. Finite element modeling
2.1 FE model of cable-stayed bridge (CSB)
A 3D FE model of a cable-stayed bridge, with a main span length of 460 m, is
developed using a FEM software (Midas Civil). The structural configuration of the
bridge model is shown in Figure 1. The bridge model is cambered linearly by 2%.
The steel box girder is used for this model. The total width and depth of girder are
21.75 m and 3.5 m, respectively with four design lanes of each 3.5 m wide as shown
in Figure 2. The configuration of tower is an H-shape composed of steel legs. The
total height of tower is 140 m and pylon height (110 m) is taken as 1/4th of the main
span length. Moreover, cable-stayed bridge model consists of 144 stay cables (Cs),
arranged in a modified-fan style. The anchorage points of stay cables at the bridge
deck are located at an interval of 12 m. Tower and girder are modeled as elastic
beam elements (168 beams) whereas stay cables are modeled as truss elements
(only tension). Fishbone modeling technique is adopted to connect the stay cables
with deck spine through rigid links. Moreover, the model is supported by roller
supports provided on each end of bridge and piers are assumed to be fixed into firm
foundation. All bearings of main girder are movable in longitudinal direction of
bridge, i.e., there is no connection between tower and girder at their intersection.
The attachments of the cables to tower are pinned. Elastomeric rubber bearings are
installed to connect the girder with lower transverse beam through elastic links.
Figure 1.
Configuration of cable-stayed bridge model.
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2.2 FE model of extradosed bridge (EDB)
Similar to cable-stayed bridge, a 3D FE model of extradosed bridge, with a main
span length of 208 m and two side spans of each 100 m, is developed. The structural
configuration of bridge model is shown in Figure 3. The total width and depth of
concrete bridge girder are 21.75 m and 4.5 m, respectively with four lanes as already
shown in Figure 2. The depth of girder is kept same at the pylon locations as well as
at mid-span. The total height of the concrete tower is 40 m and pylon height (20 m)
is taken as 1/10th of the main span length. The bridge girder is supported by the
piers and a system of 88 stay cables (EDCs) arranged in a modified-fan style. The
anchorage points of stay cables (EDCs) at the bridge deck are located at the inter-
vals of 5 m and 6 m on side and main spans, respectively. The connection between
tower and girder is assumed to be fixed and monolithic because stress range due to
live load in the cables is affected by the girder stiffness and fixity of support on the
piers. When the girder is stiff, the stress range in cables due to live load will be small
in comparison with permanent loads. To reduce the magnitude of this stress range,
girder should be fixed at the piers.
2.3 Design considerations for cable-stayed and extradosed bridges
Bridge design loads are referred to Japanese specifications for highway bridges
[4] as shown in Table 1. Dead loads are applied uniformly on entire spans whereas
Figure 2.
Configuration of traffic lanes.
Figure 3.
Configuration of extradosed bridge model.
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extreme loading and unexpected damage conditions. Besides this, the stress range in
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B-live loads (concentrated live load: P1 and uniformly distributed load: P2) are
applied only on main spans of both bridges. The material and sectional properties of
bridge components are also shown in Tables 2 and 3, respectively.
2.4 Stay cables of cable-stayed bridge (Cs)
Preliminary design of stay cables of cable-stayed bridge (Cs) is carried out by
assuming a safety factor of 2.5 against σUTS following the allowable stress design
Dead load, DLCSB (kN/m) Self-weight of deck wDC1 48.5
Pavement loads wDW 34.2
Additional loads wDC2 4.85
Dead load, DLEDB (kN/m) Girder self-weight wDC1 335
Pavement loads wDW 34.2
Additional loads wDC2 4.85
Live load, LL (kN/m) Concentrated load P1 97.5
Uniformly dist. Load P2 29.3
Pedestrian load PL 10
Table 1.
Design loads.
Properties Stay cables of CSB Stay cables of EDB
σUTS (MPa) 1860 2000
σy (MPa) 1302 1400
σall (MPa) 744 1200
E (GPa) 195 195
ν 0.3 0.3
γ (kN/m3) 77 77
Table 2.
Material properties of stay cables.
Members Deck Pylon Pier Transverse beam
CSB A (m2) 0.59 1.11 1.11 0.55
Ixx (m
4) 14.73 7.96 7.96 2.61
Iyy (m
4) 5.13 6.24 6.24 2.14
Izz (m
4) 29.03 4.72 4.72 1.52
EDB A (m2) 13.54 6 12 6
Ixx (m
4) 168.62 4.7 19.44 4.7
Iyy (m
4) 54.22 4.5 16 4.5
Izz (m
4) 683.84 2 9 2
Table 3.
Sectional properties of bridge components.
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(ASD) method. An optimization technique of finding unknown load factors is
applied to find the initial pretension forces (PS) through an iterative process in
order to achieve the balanced state of bridge under its own weight. Subsequently,
the cross-sectional areas of stay cables are calculated and shown in Figure 4. In
addition to that, stay cables are designed in such a way that axial stresses in stay
cables are about 50–60% of σall under dead loads and less than 95% of σall under
dead plus live loads.
2.5 Stay cables of extradosed bridge (EDCs)
Similar to cable-stayed bridge, the preliminary design of stay cables of
extradosed bridge (EDCs) is also carried out by using a safety factor of 1.67. For the
calculation of initial pretension forces (PS) of stay cables, the continuous beam
method is applied. Hit and trial method is used to find the ideal and balanced state
of extradosed bridge under dead loads. Many iterations are performed to optimize
the bending moment and cable forces, and cross-sectional areas of stay cables are
calculated accordingly as shown in Figure 5. In extradosed bridge, the prestress
force (Pi) is also applied to the concrete girder. Full pre-stressing of the girder is not
feasible. Since only concentric pre-stressing can be used locally in the girder
(eccentric pre-stressing causes a secondary bending moment as large as the primary
bending moment), a prestress force (Pi) of 200,000 kN is required at main span
and some portion of side span to keep the girder un-cracked. Pi is required to
Figure 4.
Cross-sectional areas of stay cables of cable-stayed bridge.
Figure 5.
Cross-sectional areas of stay cables of extradosed bridge.
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B-live loads (concentrated live load: P1 and uniformly distributed load: P2) are
applied only on main spans of both bridges. The material and sectional properties of
bridge components are also shown in Tables 2 and 3, respectively.
2.4 Stay cables of cable-stayed bridge (Cs)
Preliminary design of stay cables of cable-stayed bridge (Cs) is carried out by
assuming a safety factor of 2.5 against σUTS following the allowable stress design
Dead load, DLCSB (kN/m) Self-weight of deck wDC1 48.5
Pavement loads wDW 34.2
Additional loads wDC2 4.85
Dead load, DLEDB (kN/m) Girder self-weight wDC1 335
Pavement loads wDW 34.2
Additional loads wDC2 4.85
Live load, LL (kN/m) Concentrated load P1 97.5
Uniformly dist. Load P2 29.3
Pedestrian load PL 10
Table 1.
Design loads.
Properties Stay cables of CSB Stay cables of EDB
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σy (MPa) 1302 1400
σall (MPa) 744 1200
E (GPa) 195 195
ν 0.3 0.3
γ (kN/m3) 77 77
Table 2.
Material properties of stay cables.
Members Deck Pylon Pier Transverse beam
CSB A (m2) 0.59 1.11 1.11 0.55
Ixx (m
4) 14.73 7.96 7.96 2.61
Iyy (m
4) 5.13 6.24 6.24 2.14
Izz (m
4) 29.03 4.72 4.72 1.52
EDB A (m2) 13.54 6 12 6
Ixx (m
4) 168.62 4.7 19.44 4.7
Iyy (m
4) 54.22 4.5 16 4.5
Izz (m
4) 683.84 2 9 2
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minimize the deflection and to resist the bending moments due to long-term effects
and live loads.
2.6 Effects of nonlinearity
Nonlinearity effects including cable sag effect due to self-weight of stay cables
and P-Delta effects due to interaction of deck and tower are also considered in the
analysis of both bridge types. Reduced or equivalent modulus of elasticity of stay





Eq. (1) is known as Ernst’ formula in which Eeq is equivalent modulus of elas-
ticity, E is effective material modulus of elasticity, A is cross-sectional area of stay
cable, w is cable weight per unit length, L is horizontal projected length and T is
tensile force in stay cable.
3. Safety evaluation of stay cables by deterministic method
3.1 Fatigue limit state
For the evaluation of safety factor of stay cables at fatigue limit state, moving
load analysis is performed by applying fatigue design load (T-load: 200 kN) to the
cable-stayed and extradosed bridge models. Then, influence line diagrams (ILDs) of
axial forces in stay cables are drawn by using Breslau Muller Principle and maxi-
mum and minimum design variables are calculated. Figure 6 shows the ILDs of
axial forces of stay cables (C1 and EDC1) of cable-stayed and extradosed bridges,
respectively. It is observed that the area under ILD of C1 is larger than that of EDC1
under the same fatigue load which indicates that extradosed bridge is less
influenced by fatigue load as compared to cable-stayed bridge. Subsequently, cable
reversal stresses and design stress range Δσdð Þ values are determined by considering
the cyclic loads of constant amplitude and fully reversed nature as per the guide-
lines of fatigue design recommendations for steel structures [8]. To assess the safety
factor at fatigue limit state based on equivalent stress range theory, following
equation should be satisfied [9]:
Figure 6.
ILDs of axial forces of stay cables C1 and EDC1.
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where γ is safety factor equal to 1.2 based on redundancy and importance of
structure, Δσd is design stress range also known as maximum stress range and ΔσR is
allowable stress range which can be found by using Eq. (3):
ΔσR ¼ ΔσCE � CR (3)
where ΔσCE is the basic allowable stress range or cut off limit for constant
amplitude stress which is taken as 270 MPa and 200 MPa for parallel wire strand
type stay cables of cable-stayed and extradosed bridges, respectively at 2 million
load cycles based on the standard SN or Wohler’s curves of cables and CR is
correction factor for mean stress which can be calculated as:
CR ¼ 1:3 1� R1:6� R
 
for R≤ � 1 (4)
CR ¼ 1� R1� 0:9R for R> � 1 (5)
which R is the stress ratio defined as the ratio of minimum stress (σmin) to
maximum stress (σmax) in stay cables.
Figures 7 and 8 compare the fatigue stress demand to capacity ratios (DCRs) of
stay cables of cable-stayed and extradosed bridges, respectively. In case of cable-
stayed bridge, stay cable C15 shows maximum DCR under fatigue design load and
there is a hefty variation in DCR of stay cables depending on their locations with
respect to tower-deck intersection. From Figure 7, it can be concluded that a
minimum safety factor of 2.2 is necessary to satisfy the fatigue limit state.
In case of extradosed bridge, all stay cables (EDCs) exhibit almost same DCR
irrespective of their locations with respect to tower-deck intersection. Figure 8 also
Figure 7.
Effect of fatigue load on DCR of stay cables of cable-stayed bridge.
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shows that the safety factor of 1.67 satisfies the fatigue limit state. From probabilis-
tic point of view, the safety of stay cables under the fatigue limit state is verified by
satisfying the Palmgren-Miner hypothesis which states that fatigue failure of stay
cables occurs when the accumulated damage exceeds one, D tð Þ≥ 1. Thus, if the
fatigue failure time is denoted by T f , then P T f ≤ t
  ¼ P D tð Þ≥ 1ð Þ. But this study is
only limited to the deterministic fatigue analysis.
3.2 Ultimate limit state
After evaluation of safety factor of stay cables at fatigue limit state, the safety
factor is further evaluated and verified at ultimate limit state. For that, following






where γi is structural importance factor equal to 1.0, Nrd is equivalent design
resistance of stay cables andNu is ultimate axial load which is estimated by applying
load and resistance factor design (LRFD) approach which considers the probabili-
ties associated with simultaneous occurrence of different types of loads. Equations
(7) and (8) yield ultimate axial loads for stay cables of cable-stayed and extradosed
bridges, respectively [10]:
Nu,CSB ¼ 1:25 DCþ PSð Þ þ 1:5DW þ 1:75 LLþ IMð Þ (7)
Nu,EDB ¼ 1:25DCþ 1:5DW þ PSþ Piþ 1:75 LLþ IMð Þ (8)
where the subscripts CSB and EDB are cable-stayed and extradosed bridges,
respectively, DC is dead load (components and attachment), DW is dead load
(wearing surface and utility), PS is pretension force, Pi is prestress force, LL is live
load and IM is dynamic load allowance. In case of extradosed bridge, PS and Pi are
Figure 8.
Effect of fatigue load on DCR of stay cables of extradosed bridge.
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not factored with the same coefficient of dead load. This approach is more reason-
able for bridges with a rigid deck according to Mermigas [11].
In design viewpoint of long-span cable-supported bridges, PTI [12] suggests two
methods. The first method consists of a simplified quasi-static analysis of cable-
supported bridge with a missing cable under factored dead and live loads. These
loads are combined with the static cable loss dynamic impact force (CLDF)
resulting from the sudden breakage of a cable with the additional load factor of 1.1
on CLDF. In second method, PTI allows the usage of a dynamic analysis to compute
the structural response more accurately due to an abrupt cable failure. However,
little guidance is provided by PTI on how to conduct such a dynamic analysis. That
is why, first method is selected in this paper for the sake of simplification.
The dynamic cable force is applied as an equivalent static force in the correct
orientation on both anchorage points of cable by considering CLDF of 2.0 in the
load combination. Following the aforementioned approach, the effects of cable loss
on DCR of stay cables of cable-stayed and extradosed bridges are investigated
thoroughly. Figure 9 compares the DCR of stay cables of the cable-stayed bridge
with and without sudden loss of single and multiple stay cables at different safety
Figure 9.
Effect of cable loss on DCR of stay cables of cable-stayed bridge. (a) Safety factor of 2.5, (b) safety factor of 2.3,
and (c) safety factor of 2.2.
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factors. It can be observed from Figure 9 that loss of two cables (C35&36) yields
maximum DCR in the adjacent stay cables. This multiple cable loss event can also
trigger the progressive collapse of the entire cable-stayed bridge.
Moreover, Figure 9 also depicts that with the decrease of safety factor of stay
cables, DCR increases accordingly and a minimum safety factor of 2.3 is essential to
meet the requirements of ultimate limit state. Similarly, the effects of cable loss on
DCR of EDCs are also investigated as shown in Figure 10. It is observed that the loss
of two cables (EDC1&2) yields maximum DCR of EDCs and a safety factor of 1.67 is
compulsory under normal loading condition which should be increased to achieve
higher safety under extreme damaging condition.
In addition to that, the effect of corrosion as well as the combined effect of
corrosion and cable loss on DCR of C1 and EDC1 are also examined at different
safety factors in this study. For that, a simple corrosion model is adopted by intro-
ducing the uniform corrosion of 10% throughout the cable length as a change in
cable area. The effective modulus of elasticity of corroded cable is determined and
static analyses are performed. Figure 11 shows that DCR of C1 is greater than 1.0 at
a safety factor of 2.4 which indicates that the safety factor of 2.5 is the minimum
factor required to avoid the rupture of C1. On the other hand, DCR of EDC1 is
Figure 10.
Effect of cable loss on DCR of stay cables of extradosed bridge. (a) Safety factor of 1.67 and (b) safety factor of
1.75.
Figure 11.
Effect of corrosion and, combined effect of cable loss and corrosion on DCR of C1 and EDC1.
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greater than 1.0 even at a safety factor of 1.67 which elucidates that a minimum
safety factor of 1.75 is essential under extreme loading condition for the safe design
of extradosed bridges.
4. Safety evaluation of stay cables by nondeterministic method
With the development of reliability-based methods, it has become evident that
the traditional deterministic finite element method is not sufficient to properly
design advanced structures or structural components subjected to a variety of
complex loading conditions. Therefore, uncertainties in loads, material behavior
and geometric configuration must be considered to provide rational reliability anal-
ysis and to describe the structural behavior with higher level of confidence.
In this paper, the safety factors of stay cables are also assessed by the nondeter-
ministic method. For that, a probabilistic based reliability analysis code is prepared
based on the mean value first order second moment (MVFOSM) reliability method.
Basic random variables used for this program are material strength, dead loads and
live loads. One million samples of normally distributed random variables are gener-
ated by using Monte Carlo simulation technique. The coefficient of variations
(COV) of random variables are taken from the Ref. [13]. The program calculates the
cable force (S) and resistance (R), and verifies the limit state function, i.e., Z ¼
R� S where R and S are linear and uncorrelated random variables. Subsequently,
reliability index (β) and probability of failure (P f ) are determined from the rela-
tionships β ¼ μZσZ and P f ¼ Φ �βð Þ, respectively where μz is mean value, σz is standard
deviation and Φ is cumulative distribution function for normal distribution.
For the acceptable values of probability of safety of structures, United States
Army Corps of Engineers (USACE) suggests that the estimated reliability indices
should be at least 3.0 (for above average performance) and 4.0 (for good perfor-
mance) [14]. Based on it, the calculations of reliability index and failure probability
for both bridge types are carried out and shown in Tables 4 and 5. These tables
clarify that reliability index decreases when safety factor decreases from 2.5 to 2.2 in
case of cable-stayed bridge. For instance, the safety factors of 2.5, 2.3 and 2.2 yield
Safety factor β P f
2.5 8.17 1.48 � 10�16
2.4 6.79 5.31 � 10�12
2.3 5.04 2.36 � 10�7
2.2 2.91 1.8 � 10�3
Table 4.
Reliability analysis results of C1 of cable-stayed bridge.
Safety factor β P f
1.60 1.9 2.84 � 10�2
1.67 4.37 6.03 � 10�6
1.75 6.81 4.66 � 10�12
1.85 9.32 5.76 � 10�21
Table 5.
Reliability analysis results of EDC1 of extradosed bridge.
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the reliability indices of 8.17, 5.04 and 2.91 for C1, respectively. Similarly, in case of
extradosed bridge, the reliability index increases as safety factor increases from 1.60
to 1.85 for EDC1. The reliability analysis results also show that the safety factors of
2.3 and 1.67 yield the target reliability index greater than 4.0 for good performance
of both bridge types. Based on these results, the optimum safety factors of C1 and
EDC1 are calculated graphically as shown in Figures 12 and 13, respectively. It is
observed that the safety factors of 2.25 and 1.66 yield the target reliability index of
4.0 and failure probability of 105 for stay cables C1 and EDC1, respectively. This
also elucidates that the safety factor of 1.66 for extradosed bridges yields same
reliability index as the safety factor of 2.25 for cable-stayed bridges.
5. Conclusions
In this paper, a parametric study on safety factor of stay cables of cable-stayed
and extradosed bridges is carried out by using deterministic and nondeterministic
methods. Following conclusions can be drawn from this study:
Figure 12.
Graphical evaluation of safety factor of C1 of cable-stayed bridge.
Figure 13.
Graphical evaluation of safety factor of EDC1 of extradosed bridge.
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• Finite element analysis results show that cable-stayed and extradosed bridges
are sufficiently redundant at safety factors ranging from 2.3 to 2.5 and 1.67,
respectively under normal loading conditions. For cable-stayed bridges,
ultimate strengths of stay cables are more critical than their fatigue strengths
and a minimum safety factor of 2.3 is essential to satisfy the fatigue and
ultimate limit states. However, in case of extradosed bridges, the ultimate
strengths of stay cables are even more critical than their fatigue strengths and a
minimum safety factor of 1.67 is indispensable to meet the limit state design
requirements under normal loading conditions and it should be increased
under extreme damaging conditions.
• The reliability analysis results elucidate that a minimum safety factor of 2.25 is
necessary for stay cables of cable-stayed bridge to achieve the target reliability
index of 4.0. Whereas, in case of extradosed bridge, a safety factor of 1.67
yields the reliability index greater than 4.0 and a minimum safety factor of 1.66
is essential for the safe design of extradosed bridges. Moreover, the safety
factor of 1.66 for extradosed bridges yields same reliability index as the safety
factor of 2.25 for cable-stayed bridges.
• The optimum safety factors evaluated by nondeterministic method are close to
those obtained by deterministic finite element method. These outcomes imply
that the structural reliability solutions for stay cables are rational and correct.
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the reliability indices of 8.17, 5.04 and 2.91 for C1, respectively. Similarly, in case of
extradosed bridge, the reliability index increases as safety factor increases from 1.60
to 1.85 for EDC1. The reliability analysis results also show that the safety factors of
2.3 and 1.67 yield the target reliability index greater than 4.0 for good performance
of both bridge types. Based on these results, the optimum safety factors of C1 and
EDC1 are calculated graphically as shown in Figures 12 and 13, respectively. It is
observed that the safety factors of 2.25 and 1.66 yield the target reliability index of
4.0 and failure probability of 105 for stay cables C1 and EDC1, respectively. This
also elucidates that the safety factor of 1.66 for extradosed bridges yields same
reliability index as the safety factor of 2.25 for cable-stayed bridges.
5. Conclusions
In this paper, a parametric study on safety factor of stay cables of cable-stayed
and extradosed bridges is carried out by using deterministic and nondeterministic
methods. Following conclusions can be drawn from this study:
Figure 12.
Graphical evaluation of safety factor of C1 of cable-stayed bridge.
Figure 13.
Graphical evaluation of safety factor of EDC1 of extradosed bridge.
152
Structural Integrity and Failure
• Finite element analysis results show that cable-stayed and extradosed bridges
are sufficiently redundant at safety factors ranging from 2.3 to 2.5 and 1.67,
respectively under normal loading conditions. For cable-stayed bridges,
ultimate strengths of stay cables are more critical than their fatigue strengths
and a minimum safety factor of 2.3 is essential to satisfy the fatigue and
ultimate limit states. However, in case of extradosed bridges, the ultimate
strengths of stay cables are even more critical than their fatigue strengths and a
minimum safety factor of 1.67 is indispensable to meet the limit state design
requirements under normal loading conditions and it should be increased
under extreme damaging conditions.
• The reliability analysis results elucidate that a minimum safety factor of 2.25 is
necessary for stay cables of cable-stayed bridge to achieve the target reliability
index of 4.0. Whereas, in case of extradosed bridge, a safety factor of 1.67
yields the reliability index greater than 4.0 and a minimum safety factor of 1.66
is essential for the safe design of extradosed bridges. Moreover, the safety
factor of 1.66 for extradosed bridges yields same reliability index as the safety
factor of 2.25 for cable-stayed bridges.
• The optimum safety factors evaluated by nondeterministic method are close to
those obtained by deterministic finite element method. These outcomes imply
that the structural reliability solutions for stay cables are rational and correct.
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